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SYNOPSIS

This thesis describes the design of the Alexandra-
Langton swing bridge, at Liverpool, and examines the
design in the light of the most recently published work
on this field. The text includes a brief historical
background of the development of plate girder bridges. A
critical study has been made to understand the evolution
of the plate girder design formulas, recommended in B.S. 153,

This thesis also covers the most recently published
work on limit state theory. Simple analytical methods are
used to predict the plastic moments and the inelastic
behaviour of the plate girder and the orthotropic steel-

deck unit.

A comparison has been made to examine the savings of
steel if limit state method is applied instead of elastic

method,

173




 Srbols l/.r.."a’ 7 Flastic aﬂé/y:/? |

| A Treo.
. Ao agctua/ W/dﬁ or closed r'/é
- gprecHive et 0/ otex plofe of Fop b .
| yﬂ(a/z/' clear Srmersiorn of te web i o p&ne/,
Wit op plange plofe.
lsser dimension op #e web i o pome/ .
3 A/Va/'//??y C’m.r/an/.
critico/ .fJ//'ess A
| .' Serall Aepts on P/a/e & x/-a’e/-
__ clear bt oF wed plate.
| _-~)/0w27’: rrrodlilis .
df/z/a/ r/b Spocing.
| [ preative r/b .spoc/ng
Shress. ~
oversge shear srmess,
e‘/;/'//‘ca/ Sheor 5/7?:;'.
| forz g/t /za/ SHeess v sieh.
| )//e/a’ SHrEss.
.ﬂZoa/ué/: or ﬂ/y‘/b&?f/._
| shance be/week kbnye cerntroie.
| d,ﬂ/ﬂo/cf/a/e Forsiona/ corstor?

rmoner? o orea.

Spor /e/zy/A.
:bzaéfhy /pomen/.

- @ooted force. |
Prrmissible Sheor SHess.

Rocbes op cor vatesre.

3 EIRSRY I N ARJ_ D P AN -.'.\"a;m b o *\ VRN

Radlus o Fyrarior: .

/7




R RNY B o

YN

modils o o sechorn

| dﬁ’/éc‘,/}b/? -

' f/eﬂdé’ﬁ/zess' roto.

Floor ,éem SPocireg.

C’/,/:e/h/c’ /:ap o/‘ //00/' beorr

- SHheor /aﬂc'e

Thicxrress op //a/;;e /o/o/é.

' ﬁfxc'xness a/ wed /o/a/e

coe /// c’/eﬂ/

Vertical d?:'/dﬂd'e' k(om' %en?a/ﬂa/ ox/s Fo LS /;a//?/

/nRaIer cosz 3/'0’6/'_4//'0/7; 3

Z
y.




:5yméo/3 Z)Sea’ s Limi? S5/ote Jﬂa/y"/'s

SAAJI PRIV NBY N

DN AN

v)

refn)

NYTA NN XN '\x\';_\:@

| -, f‘(d/‘ (7_?4&’4//45 .
| - f/’da;'z/:‘ op yyfd//éﬂ..‘

 seetior mrodkils

: v('/(d/" depl o He web plo/e
- Mlenrress o e -c_ufé plore
- b!ﬂéf)zy mromerr”

/(//d%f of flonge plo/e U

fﬁ)‘rxn;ss oF //a_ay:’//a/e

- Overad ot o /Ae)o/ox? grrder
| | oo of single plorsge plale
s o S cock plase

‘If/iw rorio

| r2ormra/ - Stress

- eritica/ stress

B //dﬂye' sheess

reld Stress

 oreld SHress - web
- flostie 'ézﬂafny .s'//'e:s‘

beralng siress
s/ gua/ Sthress
S Verrornr rforsior

‘ /l/d/y/'/': 4 /o/';/'ob

y/'(/d/ 5//'0//2 = @/[
//4_/: g SHrair?

- Forssor’s rasio = o-3.

bucaling fergts

- ?"!‘-" )270»7:/7/ a/ orea
sorsrorna/ aa.f/o/}/
- moditlys op Flosticly
' Wd/;é/by ;‘an:/an/’ :



\//2(/- V2) . rwv

V3 72 . K

.?'/ ﬂd’ofa’ S/lernderrress rofo

% ratio

- esutont shear /ok:é
 tmose sheor /a)-e-e
[ ostic shear force

Fransverse 5////07(( 5/:()‘/7_7 A

9Dy ratio

el shear SAress

: 'aﬁo/za’ Shear Stess

 cmitical Thear SPress

vHomale Sheor Shess

| Veroge Sheor SESS

opewable shear f:‘/f'e-:r '

pa.f/'//'oﬂ = //JS//&' A/'/:ye - See frg. &2/
widf op y/e/o’ boreo - See g9 528 (c).

o shear force iz shgperrers
L oo of o /4”- op SYjpremmers - See g 6270 (a)
oo of o Srragle SYipeser - See fr9. 62/0(8)
fensife el shear stress opf He aved /o/a/e |

Alostc mrodles ap flonge olol

S /aa/ frctor

v/




1. INTRODUCTION

1l.1. Scope:

The aim of this research project is to analyse the
structural mechanism of a plate girder swing bridge, which
has been built and at present is in operation at Alexandra-
Langton dock at Liverpool. It is also the intention to
analyse the super-structure of the bridge on the bésis of
Elastic (in accordance with B.S.153) as well as ultimate load
theory, and compare the results.

1.2. Aesthetics:

Aesthetics may influence the design of a bridge and this
includes character and scale of natural and artificial
surroundings. A bridge should merge or be complementary to
its nafural surroundings as much as possible. These
considerations affect the line, level, shape, size and colour
of the proposed bridge. Dominance of artificial surroundings
by structure is often desirable and may have the effect of
giving unity to an otherwise haphazard pattern.

1.3, Historical Background:

N It is very difficult to find the origin of the construction
- of bridges. Probably, man invented the first bridge when he
started to move from one place to another, and nature might

be the first one to provide a bridge in form of a tree.fallen
across a stream. Probably the Egyptians were the first bridge
engineers, during the pefiod of their reign, and concurrently
Mesopatarmmians took over. During those days men learned how

to build bridges of stone, then wood, because bridges were
necessary to conquer wars and grow vines etc. The actual

birth of the science began during the Greek supremacy. Although
the Egyptians had developed some mathematics, Greek scholars
such as Pythagoras, Aristotle and Archimedes gave impetus

-1-




to the knowledge of Sciences Later, this leadership in
knowledge of Science was passed on to the Great Romans. "
Romans were more nearly the engineers, rather than Scientists.
Many of their superb ancient stone arches which were built
with dressed stones without mortar, centuries ago are still
in existance. The military engineers accompanying the
conquering Roman armies were adept at pile bent bridges and
timber arches. Caesar's bridge over the Rhine, which was
destroyed during the world war II, was the unique example

of that period.

During the "Medieval" period, (approx. 600 AD)kArabic
System of numbers was developed and during that time the
St. Benezet Bridge at France,%the 0ld London Bridge were

built.

The period of 1450 to 1850 can be thought of as the
beginning of the Scientific focus upon the unanswered
questions of nature. During this time the greet men such
as Da Vinci, Palladio, Galileo, Hooke, Newton, Bernoulli,
- Euler, Coulomb and many more, contributed Plenty towards
the Scientific developments of todays world.

In 1776 Coulomb published the first correct analysis
for the fibre stresses in a beam of a rectangular cross
section subjected to a bending moment. . Coulomb was soon
followed by others, such as Navier, Claperyron, Saint
Venant etc.

Maxwell developed his method for Statically indeter-
minate structures in the mid-nineteenth century. During the
same period Mohr and Castigliano, developed a new approach
to the statically indeterminate structures. This is
“important to note that, until the analysis of statically
indeterminate structures was known, it was not at all possible
to analyse the behaviour of a continuous beam system. The
famous German engineer Muller-Breslan has further developed
the previous work of Maxwell and Castigliano.



In 1840, the first all-iron bridge was built. The
material used for this bridge was Cast Iron and Wrought
Iron and was built across the Erie Canal at Frankfd%t, X
New York. It was a highway girder bridge with a span of
77 feet. Up to the late 1850's, metal bridges were built
with cast iron.compression members and wrought iron tension
members. The manufacturing of steel was invented in 1856,
but it was not until 1869, the first all steel bridge was
erected across the Mississippi River at St. Louis. By this
time, beams and girders as bridge members came into wide
use. During the early part of the 20th Century, rolled
beams were standardized, which gave some indications of the
availability of steel sections. In the late 30's, wide
flange shapes became easily available, so, the highway
stringer bridges were erected with simply supported, @ide
flange beams on spans up to about 110 ft. Riveted plate
girders were also used during this period for the through-—
bridges, span up to about 150 ft. :

During 19508 engineers were more equipped to build
bridges up to 300 ft span, by taking advantage of welding
techniques and composite construction.lnfhg1960's spans up
to three times as long, became economiéally feasible with
the use of High-Strength Steel and box girders or Orthotropic-

plate Construction or Stayed girders.

The ever increasing cost of material and labour since
World War 11, made the welded plate girder construction
more competitive. The added advantages of this construction
are clean appearance, easy to erect and easier maintenance
A simple I- Section is the ideal for welded constructions.
The material can be disposed more effectively than riveted
construction, as flange angles are not required, tension
flanges need not be increased in area to compensate for rivet
holes and more rigid stiffening of the web can be provided

with higher sections of the stiffeners. Plate girders with
" parallél flanges of constant size and unstiffened wed of

uniform thickness, are the cheapest in cost per ton. But as
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the span increases, the depth of the plate girder increases,
therefore the web has to be stiffened by vertical and / or
horizontal ribs to prevent buckling.

1.4. Tender:

Tenders were invited at the_end of 1972 by Mersey Docks
and Harbour Board, Liverpool for the replacement of an old
Pratt-Truss type bridge, which was constructed sometime during
the year 1903-04, 'across a canal stemming from the river
Mersey. The purpose of this bridge was to provide access
for the transporter to carry goods from the cargo brought by
the container ships. Although the bridge was in working
condition, some restrictions were made for the modern heavy
vehicles, as in those days bridges were not quite so scien-
Yifically designed to bear heavy loads.

The Cleveland Bridge Engineering Co. Ltd., of Darlington,
was one of the tenderers to submit a Plate Girder bridge to '
the board and it was accepted. During the tender period,
due to lack of time, and just to give an indication to the
estimators how the bridge would look, and what might be the
total tonnages of steelwork required, no detail calcuations
were prepared. Then after obtaining the contract, the writer
went through every detall of the calculations for the super-
structures and submittéa’his results to the Board for their

comments.

1.5. The New Bridge Structure:

The basic structure of the new bridge is quite straight-
forward. The two main plate girders run East-West across
the Canal and these girders are connected by cross girders
(@ 11'-6" centres). The deck plate is stiffened with steel
troughs. Walkways are provided at either side of the bridge,
which are cantilevered out from the main girders.

When the bridge is open to traffic it is supported by
two nose bearings, two intermediate bearings and two slip




blocks at the tail. One of the nose bearings is designed

in such a way, so that it prevents the bridge from turning.
Both of the slip blocks can be hydraulically retracted.

In this position the structure is lifted clear of the centre
pivot. VWhen it is desired to open the lane to shipping, a
pair of hydraulic tail jacks 1lift sufficiently so that the
slip blocks can be withdrawn. The jacks are then lowered

to allow the bridge to rest on the centre pivot. The tail
end is weighted so that the nose of the structure lifts clear
of the nose bearings while the tail end drops until it is
resting upon the two trail rollers. The bridge is then ready
to be swung clear by means of two wire ropes, one end of

each being anchored at the slewing drum. The ropes are led
around guide sheaves and anchored to adjustable links which
are attached to the slewing cylinder bedplate.

When the bridge approaches the fully open or fully closed
position, Cam operated hydraulic valvés, which are fitted to
the slewing mechanism, ensure that the bridge decelerates to
a creep speed. When it is swung back to its original position,
the bridge is again lifted by the hydraulic tail jacks, so
that the tail slip blocks can be returned. The jacks are then
lowered to allow the bridge to rest upon the nose bearings,
the intermediate bearings and the slip blocks, so that it is
again held clear of the central pivot. All the operating
equipment used was designed, supplied and fitted by
Mactaggart Scott Co. Ltd., of Midlothian, Scotland.

1.6. The Design Requirements:

The Mersey Docks & Harbour Board required the bridge to
be designed as per B.S.153, in imperial units, and the
requirement included the following features:-

1. All steel to be B.S.4360 grade 43A (i.e. mild steel).
2. Overall length 158! - 9", width 25' - O" with 20' - O"
Carriageway and 2' - 6" Kerb at each side of Carriageway.




3. 3' - 6" wide walkway at each side running throughout
the length of the bridge.

Thus the total weight calculated after the final design was
19338 tons. The site connections were made of high strength
friction grip bolts as per B.S.3139 and all welding to
B.S.1719 class 2 Lincoln multiweld. Electrodes for manual
metal are butt welds were to B.S.1719 class 6 ESAB/OK unitrode.
Electrodes and flux for submerged arc butt welding were to
3+25 mm. diameter Lincoln L60 wire armco F80 flux.

According to Mersey Docks Harbour Board's requirements,
before fabrication all steel had been automatically grit
blasted with chilled iron to 2nd. quality B.S.4232, maximum
profile 100 microns. All laminations or surface defects
exposed by blasting had been chipped off and ground level
before primimg. All loose shop rust and dust had been removed
by wire brushing and vacuum cleaning the surface. Within
4 hours of blasting, one coat protection "EPILUX 66P" blast
primer first coat pink 4E650 had been applied by airless
spray to 25 microns equal to a spreading rate of 6 sq m/litre
and allowed to harden over night. After priming, one coat
protection high built "EPOXY MICACEOUS" dark grey HB58 had
been applied to 75 microns equal to a spreading rate of
6 sq m/litre and allowed to harden overnight. All areas
local to H.S.F.G. butt connections had been left free from
paint, oil, drift, grease, rust etec.

1.7. Operating System:

The road barriers and traffic signal installation comprises
four (in number) road traffic barriers, each with folding
skirt and four sets of pole mounted visual and audibdble
warnings., The latter consiéié of twin red flashing lamps,
an amber 1amp and gong. Control of all barriers and warning
systems is available at the desk in the control house, and
individual sides operation is available from a console forming




an integral part of the South East and South West barrier's
pedestals. All this equipment was supplied by Messrs. Godwin
Warren Engineering Ltd.

Navigation signals are two sets of pole mounted navigation
lights provided on the roof of the control house. Each set
consists of a red and a green lamp, one set facing North and
the other facing Southwards. Control of the lamps is from
the control desk, interlocks ensuring that the bridge must
be fully open, to allow either the North or the South bound
passage open green lamps to be operated. Switching arrange-
ments prevent both North and Southbound passage open lamps
from operating simultaneously.

The control desk is situated on the upper floor of the
control house and includes all controls and indicating lamps
associated with road barriers, bridge and navigation lights
operation. Road barrier's controls are supplied by a 240 volts 50
HZline/neutral supply from the barriers relay panel and

comprises:-

1 No. Red control available lamp.

1l No. Green East Barrier's down lamp.

1l No. Green West Barrier's down lamp.

1 No. Stop push button.

1l No. East Barrier's "UP" push button.

1l No. East Barrier's "DOWN" push button.

1 No. West Barrier's "UP" push button.

1l No. West Barrier's "DOWN" push button.

2 No. docal/Remote key operated selector switches.

Normal operation from the desk is achieved with "Local"

selected. If "Remote" operation from the barriers is required,
both the key switches should be turned to the "Remote" position,
the keys removed and these then used to operate the barriers
control units.On/Off switches, and both switches must be either
"Tocal" or "Remote" for control purposes. With "Local" selected,
the key cannot be removed.




A 240/24 v, 150 VA supply with primary and secondary
fuses is provided for navigation lights operation. Relays
and indicating lamps associated with navigation lights are
operated from the primary supply voltage. Bridge control
relays etc. are operated at 240 volts 50 HE, power being
derived from the hydraulic power pack motor starter.

An On/0ff switch is also fitted to the desk which when
off, isolates all controls with power on and all road barriers
down, operation of the "Open" push button indicates the pump
motor starter of the hydraulic power pack, provided the
starter is set for "Remote" Control. When the pump is running,
a signal is provided at the desk to energise a relay, which
in turn causes solenoid valves to initiate the bridge open
sequence. Bridge movements and blocks and rams interlock@ng
is purely hydraulic with pressure switches introduced at
various positions, to provide indication and a measure of
electrical interlocking. The rams at the tail of the bridge
extended to the fully raised position and when both reach this
position jfi.pressure switch operates to illuminate the "Rams Up"
lamp. Hydraulic interlocking then causes the blocks to re-
tract and when both withdrawjpressure switch closes to
indicate "Block Out". The rams then lower to operate and

slewing commences.

At this time the "Bridge moving" lamp illuminates via
contacts on the bridge open and bridge closed relays, both
of which are de-energised since the bridge is neither open or

closeds

As the bridge approaches the open position, a limit
switch operates and at the fully open position another switch
operates, to energise the bridge open relay to stop the pumps,
de-energise the solenoid valves and thus stop bridge move-
ments. Simultaneously, the ™ridge open" lamp illuminates,
and the "Moving" lamp is extinquished.



The bridge "Close" sequence is initiated by depressing
the "Close" push button to start the ﬁower pack which when
running energises two soleniod valves, slewing commences.
and "Bridge moving" lamp operates. At the "Closed positiomn",
one pressure switch operates and the "Bridge .closed" Iﬁmp
illuminates, simultaneously the "Moving" lamp is extinquished.
Automatic Rams and Blocks operation takes place and with
"Rams Down" and Blocks In", the power pack is stopped. In
the situation with "Bridge Closed", Blocks In" and "Rams Down",
all three relays energise and allow road barriers to be
raised. Operation of the bridge stop push button causes
immediate de-energising of solenoid valves, dependant on
whether "Open". or "(Closed" has been selected. However, should
the emergency stop be depressed, the solenoids and pumps are
stopped immediately. This push button has a latch feature
and remains locked in the depressed condition until reset.

All the foregoing pressure switches are sited on the
hydraulic control unit. Also mounted on the control unit are
interlock switches which ensure that when a lever is inserted
to provide manual operation of any control valve, the solenoid
qQperated valves which provide the automatic sequence are to
be de-energised. The pump, however, continues to run.

Maintenance is required to all mechanical items of the
operational mechanism, viz:- o

1. Apply grease to balance roller, tail roller, top guide
sheave assembly and slewing gear cross head assembly.

2. Keep the wire ropes covered with grease.

3. Examine all moving parts regularly for formation of
corrosion and rust.

4. Keep the rope adjusting screw well covered with grease.

5. Keep the rollers of the roller actuated sequence valves
well covered with grease.

6. Ensure that no water has been collected on the part of

the centre pivot.



LOADING CONCEPTIONS

N

2.1, The Report of the Bridge Stress Committee 1928:

The report of the bridge stress committee 1928 was
based on strain measurements on members of 52 railroad
bridges of various spans, under the influence of moving
loads, such as trains and locomotives of different types,
and due to the imposition of a bridge oscillator to give
pulsations for purposes of comparison. During this period
Prof. C.E.Inglis also carried out the =~ theoretical
investigations on bridge oscillations and established a
Vector method for computing deflections and stresses in a
bridge subjected to vertical alternating forces.

This theory allows a reliable estimate for the greatest
‘impact on bridges, due to locomotives. This report states
that the main reason for the dynamic effect of a moving load
on a railway bridge being greater than the static effect of
the same load, is the hammer blow. The effect of the hammer
blow is intensified in all bridges except the short span
bridges by resonance arising from synchronism between the
natural frequency of vibration of the loaded bridge and the
frequency of the application of the blow.

In a long bridge, the recurring impulses due to hammer
blow may cause a larger cumulative effect, especially when
there is close proximity between their period and free period
of vibration of the structure. The successive period of
impulses are limited by the length of span. The damping
of the oscillations are set up by the imperfect elasticity
of the structure, i.e. ballast of the permanent way etc.,
friction in the support at the piers, dissipation of the
energy by its transmission through the piers to the neigh-
bouring ground and the friction in the spring suspension of
the locomotive. For practical design purposes the whole
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allowances for impact is set in the form of an equivalent
uniformly distributed load, which should be added to the
weight arising from the live load to be carried.

The equivalent load is based on the principle of simple
harmonic motion in the periodic oscillations and such an
imaginary static load of sinusiodal distribution is imposed
that will hold the bridge in its maximum oscillatory form
of curvature. Then a uniformly distributed load is considered
which is equivalent to the sinusoidal load to give the same
maximum bending moment at the centre of the span. This
bending moment is slightly higher at %ipoints of the span but
with approximately equal shear force. From the recommendation
of this report, research work was carried out and finally
B.S5.153% was revised.

2.2, M.0.T. LOADING CONDITIONS:

The standard loading issued by the Ministry of Transport
in 1922 suggested that the bridge should be loaded with such
standard trains or part of standard trains so that it would
produce the maximum stress in any bridge member, provided
that in any line of trains, there should not be more than one
engine per 75ft. of the span of the bridge and each standard
train shall occupy a width of 10ft. Where the width of the
carriageway exceeds a multiple of 10ft., such excess should
be loaded with a fraction of the axle loads of a standard

train.

2.3. British Standard 153%:

B.S.153% is the specification for steel girder bridges
and is available in the following parts:-

Part 1 deals with material.
Part 2 deals with workmanship.
Part 3A deals with loading.
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Part 3b & 4 deals with stresses and details of Construction.
Part 6§ deals with Erection.

All these parts were first published in 1922 and 1923.
Part 3a shows the detail of 15 units of standard loading
which was recommended for highway bridges in this country.
This was agreed in principle with the standard loading train
issued by the Ministry of Transport in 1922 and was supp-
limented by the M.0.T. standard loading curves in 1932.

Part b was revised in 1933 where as part 4 and 5 were
ammended in 1937. For various reasons these rules remained
unchanged until 1958, although in 1948, a code of practice
for simply supported steel bridges was jointly issued by
I.C.E. and I struct.E.

The 1972 version of B.S.153 is only the metricated
revision including some amendments, but again, it covers
simply supported steel girder bridges, of up to 100m span.
To. design over 100m span or continous bridges, extrapolation
from B.S.153 is used. In the 1960's before the Milford
Haven bridge failure, a new all-embracing bridge code was
conceived. Later the Merrison design rules acted as an

interim code.

A new code will be written shortly, with major changes
in design practice. It will be published in 10 parts to
make future revisions easier for different materials used.
An ultimate load approach rather than present elastic method
will be used in this new code. The view is widely expressed
that Merrison rules are too complex to follow. It is felt
that Merrison's change to ultimate load design is.academic
and engineers may loose track of their terminology during
application. Particularly, the Merrison rules do not mention
whether the loads are working loads or ultimate loads. The
design methods in the new code are expected to be simple.
The welding stresses in the new code are also expected to be

better understood.
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However, in this project, the present version of

B.S.153 has been utilized. B.S.153 part 3A has been
divided into two types of loading systems:-

a)

1)

ii)

b)

H.A. type loading, covers majority of the requirements
and consists of:-

An equivalent aniformly distributed load known as EUDIL,
based on a particular train of road vehicles. The
distributive effect varies according to the span. Short
spans have to support heavy axle loads without any

sizeable distributive effeet which occurs in longer spans,

and the EUDL for shorter spans is higher than for longer
spans.

A knife edge load, which is known as KEL in short, is
also applied and represents the excess load of a heavy
axle in a vehicle which is not capable of being evenly
distributed as an EUDL.

EUDL and KEL are used together, to give the adverse
loading condition in the member, which is to be designed.
In the case of a simply supported member the KEL should
be placed at mid-point, to give the required condition
for bending moment, but must be put at the support for
the maximum shear condition. If the bending moment is
required at the quarter point of a span, then KEL should
be placed at that point. The critical position for
placing the KEL is easily determined from the influence
line diagrams as being the point of maximum ordinate.
B.S.153 part 3A, Table 1 gives the relevant values for
EUDL and KEL. (Refer appendix A, loading condition C)

H B type loading - This loading represents the unit
loading from an abnormal vehicle. It is usual practice
to specify that the bridge must be checked after a
preliminary design to HA loading, to ensure that the
bridge is capable of supporting the specified number

3
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of units of abnormal loading. M.0.T. memorandum No.771
specifies the number of units of HB loading applicable

to various classes of roads, eg. class I and II roads should
be checked for 37% units of HB loading, (refer to Appendix A,:

loading condition E)
2.4. Wind Loading:

Natural wind is never even, steady or uniform. The
variations are due to the presence of eddies and velocity
gradients. The effect . of wind pressure on a structure
depends on the shape and size of the structure. The amount
of wind pressure depends on the site, where the structure
is to be placed. Horne(3) stated that due to the varing
nature of the eddies in natural wind, it is very difficult
to assess the action of the wind. So, it is not very safe
to take a velocity for the whole structure which may be
significantly less than the maximum velocity. The nature of
a wind varies greatly with the height, i.e. the mean velocity
of wind increases with height (see fig. 2.3.1).

The vertical gradient of wind speed depends on the mean
wind speed and on the vertical temperature gradient. The
wind speed also depends on the natural obstacles, such as,
mountains etc. The duration of the highest wind gusts is
of the order of 1-10 seconds and Horne(3)suggests that it
is very important to assess the behaviour of structures
under loads acting for such periods.

The pressure and velocity of wind are connected by the
formula p = kv2, where k is a constant; for the pressure on
a flat plate placed normal to the wind k is 0.0031. ¥For a
wide area of wind flow, a flat plate 1lft.square is relatively
small plate. When the free wind stream is horizontai, then
tge only energy it possesses is Kinetic energy equal to
%i@Vz/g. Insertion of the plate into the wind brings one
particular stream line to rest and according to Bernoulli's
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theorem ( in a fluid with steady stream line flow, the sum
of the Kinetic energy, the pressure and the potential energy,
is a constant); the pressure on the plate must equal the
Kinetic energy in the unimpeded stream before it was brought

to rest.

If weight of air in lb.per c.ft. = 0°0765

= Velocity of wind in miles per hour
Velocity of wind in ft. per sec.= vx5280 ¢ (60x60)422/15} v,
32+2ft per sec?

2 2
then p '5 w /b//'/a"(v'%’ec x;‘% = £ _"‘L-Vzdé//a’z
or ‘/[{3:7;5)}(@5/‘/} 2] = 0'005//!/?/4),‘6/‘, P = o-cozscv?

In this formula no allowance was made for viscosity and
if it was assumed that all the air in the stream line impinged
upon the plate and was duly brought to rest and also all this
occured without interference with the surrounding air stream
lines. Obviously, later, by experiments(3), it was found
that the theoretical coefficient (2)* in the above equation,
should be replaced by the experimental coeffivient 0°+6 which
is a more correct value of the pressure.

R < 4 =
L

Hence /b = 0'61»\/1/2—;‘- (4 = 0-005/1/2,

According to B.5. 449 (vse of structorol stee/ i ém/a’/zy)
p = oal//"" o-0c(%b-5)

Where p = uniform wind pressure in 1lb. per sq.ft.

v = velocity of wind.

h = height in ft. above ground level.

8 = height in ft. above ground level of the area assumed.
to be sheltered by some obstacle and s shall never
exceed 3h in the formula, while (h-s) shall not
be less than 10 ft.

Previously, it was the custom to consider the wind as
exerting pressure only on surfaces directly fronting the wind.
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If a surface was inclined to the path of the wind, then
the normal pressure on the inclined surface (p,) was
assumed to be yp where y was less than unity and this was
given by Duchemin & Hutton formulas. No allowance was
made for suction or negative pressuré on the leeward side
of a structure.

B.S.153 clause 12 in part 3A deals with wind pressure
effects, It states that, wind load should be treated as
a moving load, acting at the centroids of the exposed area.
For maximum lateral effect on unloaded structures, the wind
pressure will be taken as 30 lbf/ft% which corresponds to
a wind speed of 90 miles per hour, and it should be considered,
as though, acting horizontally and normal to the sides of
the bridge on a total exposed area (windward girder). At the:
leeward girder, when it is a plate girder,n/16 fraction
(should not exceed unity) of the net exposed area in normal
projected elevation, should be taken into account, where n
" is the ratio of the distance, centre to centre between the
windward and outermost leeward girder, to the depth of the
windward girder. On loaded structures, allowance shall be
made for screening effect, based on the projected areas of
the structure on the live load or of the live load on the
structure, or the live loads on each other. On highway
bridges, a wind pressure of 15 lbffré corresponding to 63
miles per hour shall be taken as acting horizontally and
normal to the sides of the bridge on the exposed area of the

super-structure.

The intensity of the wind pressure is not always constant
over a large areé, for somewhere in the path of the wind,
"Pockets" of wind will be found, which travel at a higher
velocity than the surrounding wind and therefore, exert a
higher pressure. On an average it would appear that the mean
velocity is about 75% of the maximum gust velocity. The
duration of this gust velocity is quite small, somewhere
about one or two seconds. It has become a custom these days
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to make use of models of bridges and make wind - tunnel
experiments. These experiments definitely give more
accurate results for the wind pressure. Mersey Docks &
Harbour Board advised that a 20 lbf/ft2 of wind pressure

to be taken into consideration when designing the bridge,
(see appendix A Part 1 para.A4°+2). Normally, wind pressure
values are taken from B.S.153 and/or CP3, unless a specific
value has been given by the clients.

In the following chapters, it is intended to apply
the various loading systems, at worst possible combinations,
as described in B.S.153 part 3A and calculate the critical
stresses. An attempt has also been made to understand the
implication of the formulas suggested in B.S5.153 to calculate
the stresses and their basic principles.
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3. ANALYSIS OF MAIN GIRDERS: ELASTIC THEORY:

3.1, Introduction

Structural analysis is concerned with the forces acting
on the structure and deformation due to these forces.-The
main part of the strucﬁural analysis is to appreciate the
. principle of Virtual work and its application. Deformations
may arise for various reasons. Applied loads will cause
internal forces in a structurs and these forces will deform
the structure. Whatever, the cause may be, three basic
conditions should always be considered, when full analysis

is carried out:-

a. Statical equilibrium; the external loads and internal
forces must satisfy all the conditions of equilibrium

b. Geometrical compatibility of deformation: the deformed
members of a structure must continue to fit together,
so that the deformations should be geometrically
compatible.

c. The characteristics of the members: within the elastic
range of the member, the quantitative relationships
between stress and strain must be utilized and these
relationships are referred to as the member characteristics.

In short, the deformations are required to be compatible
and the internal forces must satisfy the requirements of
equilibrium with the loads, and the deformation of each

member must be accurately related to the internal forces
and other strain producing factors in accordance with the

member characteristics.

The following assumptions are the basic requirements
to derive the formula for the moment of resistance, which
is indeed, the first step towards the design of a structural
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member and the theory is e¢alled Beam Theory:-

1. The beamgection should have one axisAsymmetrical, in
the plane of which bending moment is applied.

2. The bending is assumed to be simple or circular, which
produces an equal and opposite couples and shear is =
absent.

3. Section of beam which is pPlane before bending remains
plane after bending.

4. The stress in any fibre is proportional to strain.

5. Young's modulus (E) is constant.

Therefore, the basic theory is

M f _ _E . . .

- = v = = which is universally known to
all engineers. /7
From the above expression it may be written as ﬁ4=_-4? .

But by definition '% = modulus of a section which is %
Therefore, £ = zég' which means that to find the maximum
stress, f to a member, it is essential to know the
bendiné moment A7 , then the ond moment of area I and
the distance (vertical) from the neutral axis to the
point under consideration, ¥ .

In this chapter only the elastic theory will be con-
sidered. So, in keeping with Hooke's law, the elongation
will be doubled, if the force is doubled and the steel will
return to its original unstrained form on the withdrawal of
the force. If the force be increased to such an extent that
the resulting stress exceeds the yield stress, then the
member will pass the elastic limit. But, this does not ever
happen, if the structure is designed correctly, because, a
factor of safety is introduced, which is the ultimate or
breaking stress divided by the working stress. Although the
working load on a tension member might be increased from
three to four times before it collapsed, the actual safety
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factor is much less than this; because when the load is
increased to about 17 times its original value, permanent
distortion takes place and the member ceases to have any
further useful life. In average the factor of safety is
about 2. Two important load values occur when a structure
is gradually over-loaded to destruction:-

i. The load which causes the structure to have no further

useful life.
ii. The load which causes complete collapse.

The load which causes the structure to have no further

-useful life, is divided byAthe load the structure normally
should carry, gives a number which is called the load factor.
The ultimate load divided by the working load is sometimes
termed factor of safety. But it is not correct, because

this term is definitely reserved for stress ratio and not
load ratio. So the correct phrase is load factor. ILoad
factors and factors of safety haveacommon aim, as both express
the margins of safety in the structures and both terms depend
upon the economy, since a large load factor and factor of
safety means misuse of material.

The ultimate aim of design is to obtain the working
stresses in a structural member, due to applied loads.
Basically, the working stress is defined to be the applied
force or the force induced in the member due to the applied
force, divided by the cross-sectional area of the member.
Working stress of a member depends on the following factors:-

a) The variable quality of the member (if not homogeneous
material), and the standard of workmanship during
fabrication and erection.

b) Whether the load is gradually or suddenly applied.

c) Duration and cycle of application of the load at maximum

intensity.
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d)

e)
£)

g)

Whether the structure is a temporary one or permanent
one.

degree of accuracy of calculation of the forces.
Corrosion & future maintenance.

Various possible combinations of loads and the degree
of probability of all loading conditions at worse,
occurring simultaneously, (i.e. dead load + live load

impact + wind load etc.).

So, to maintain a guard against some uncertainties due to
the above points, the factor of safety or the load factor
is always used. In the following chapters it will be
noticed clearly that, allowances have been made to take

precautions against these uncertainties.

3.2. Scope

The main purpose of the stress analysis is to produce

the lightest girders compatible with economy and easy
maintenance. To obtain this, it is necessary that, both
the net tension and compression flanges are working at the
maximum permissible stresses and the depth of the girder
should be such that the overall weight of the whole girder

is minimum.

Once the spans are known, it is possible to calculate

the bending moments (B.M.), shear forces (Sf) etc., by
using B.S.153 Part 3A (Loads). (See appendix A part 1)..
To determine the stresses, the following items are to be
decided first (See appendix A Part 2):-

.a)
b)
c)
d)
e)

Approximate depth of the girder.

Area of the web required.

Should the web be stiffened.

The approximate flange areas.

D/T ratio

Where D = the overall depth of girder (at the point of
maximum B.M ).
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and T = effective thickness of Compression flange.

f) Slenderness ratio; 1/r.

Where 1 = the effective length of the compression
member. (See B.S.153 Part 4, clauses 5, 33 & 34).

Where r = the appropriate radius of gyration.
The -advantages of a welded plate girder construction are:-

a) it is economical, largely because of the use of a

thin web plate.
b) There are no complications in the welding process.

c) It is easy to erect.
d) maintenance costs are low.

e) neat appearance.

3.3. Working Stress in flanges:

Roberts and Kerensky(4)stated that there is no risk
of failure by instability of the compression flanges, if
the ratio of unsupported length to least radius gyration
( l/ry value) does not exceed 90 for a symmetrical I section.
Kerensky, Flint & Brown(s)conducted a few experiments to
prove the above statement, and they also said that depth by
web thickness (d/t) and l/ry values not exceeding 90, develop
a plastic moment of almost maximum value. Therefore for
these girders the allowable fibre stresses need not be sharply
reduced from the maximum basic values given by yiel@/factor
of safety. (A very deep girder will buckle laterally at a
much lower stress than the flange of a rolled steel joist
of the same width.)

B.S5.153% part 3B clause 28a recommends that the tensile

and compressive bending stresses, 4% and %4, should not
exceed the appropriate basic permissible stresses (2s dnd A )

in table 3 (which is 9.5 ton £/in°) and where the flanges
have equal moment of inertia about the y-y axis, critical
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stress, - /70000 \/[/ 20/ Z)z] /on///'ﬂ?

(%)

Timoshenko(s)derived the critical values of equal
terminal couples, applied to a member in the plane of
its maximum bending stiffness and sufficient to cause
overall lateral buckling. He assumed that the beam was
supported at its ends and no restraint is afforded to
bending actions, but with rotation of the end sections
about its longitudinal axis rigidly prevented. ‘He
expressed critical stress, which is the maximum fibre stress
at the instant of buckling as,

G -zl [ E4ES (10 Z2e )] . p

where Zx modulus of section about x - axis

L = span
£ = Youngs modulus.
/y, = 2nd moment of area of the whole section about
y-axis
& = modulus of rigidty.
X = appropriate torsion constant
ro= Ix - Iy
Ix
); = ¢nd moment of area of the whole section about
X-axis., [4_/'2
¢ = warping constant = 2 for I sections.
4/ = 2nd moment of area of the compression flange
only about ¥-Y axis of the girder.
A = distance between flange centroids.

For symmetrical I section (symmetrical about x - axis,
initially .undeforméd along its length and of homogeneous
material), equation 1 reduces to

3 7ler,h V/ y.
R i Y ';f:j;}] ————— z

The second term inside the root represents the contribution
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of the torsional rigidity of the member. This is a
governing factor for shallow beams, but for deep plate
girders, this is negligible, because the differential
flange bending provides the major resistance to torque.

The recommended formula for critical stress in B.S.153
part 3B clause 28 b (ii)A, has been der ived by the intro-
duction of certain approximate geometric properties. These
properties evaluated for symmetrical sections, provide a
lower limit to the critical stress. The properties are

listed below:-
2

Lx = 77 ._5;;_’_.9
Where B = flange breadth
T effective thickness of flange

D overall depth of the section

ENRNERN
1] ]

0
N
N
N

3
0

N
Q

AS

=D

B = 4"2;<fuz€bsw@r5¢”zwﬁoﬂ>aﬁva/j/—dzfs(ciﬁi’1m)

£ = 256 = 73 coo fony/in?
Substitution the above vslues to equation (2),

- SF b (G 3)TT 2
and this equation (3) has been used in calculating the
critical stress ( See appendix A Part II para.5.3.C. )
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3.4. Working Shear Stress in Solid Web Plate:

B.S.153 Part 3B clause 29a recommends that the
calculated average shear stress,f on the effective |
sectional area of the web should not exceed the given
value in table 3, which is 6.0 tonf/in2 for steel grade
437 (mild steel) or the permissible shear stress pq
should be calculated as:-

' - ‘3 . 4% /oﬂ /'/7?.
rs - é[/j 250{/,4;//%)2}] //
where @ = the greater clear dimension of the web in a
panel, not greater than 270 x thickness of the web,t.
where b = the lesser dimension of the web in a panel,

not greater than 180t.

Among the above two ¥alues, whichever is less should be
used and fq must not exceed. the lesser pgq value (see‘
appendix A part II para AS5.3 C (ii) ).

This formula has been based on the theory of buckling
of thin plate as described by.Timoshenko(6). According
to Kerensky and others(s), an absolutely flat plate, which
is subjected to shearing forces, will remain flat until
the critical stress has reached. Once it has reached the
critical stress, then it will buckle out of its original
plane. 1Initially, this buckle will be very small, but it
will be more visible, if the load is increased. To demon-
strate the above fact, it may be shown that the web plate
acts as a bar which has both ends built in. These are
reactive moments that prevent the ends from rotating
during buckling. These end moments and the axial com-
pressive forces are equivalent to forces P applied, as
shown in the figure. Inflection points are located where
the line of action of P intersects the deflection curve,
because at these points the bending moments are Zero. It
may be noted that in this particular case, the inflection
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points, and the mid-point of the span divide the bar in-
to four equal regions (see fig 3.4)

The figure 1 indicates Kerensky's theoretical and
experimental maximum deflections for square simply
supported plates. In his figure .curve A shows the values
for the absolutely flat plates and curve B give the values
for the plates which were initially buckled. From curve A
it may be observed that the maximum web deflection at a
load, which is twice the critical value, is approximately
equal to the plate thickness.

When load is applied, the web plate
buckles; but before the plate buckles,

the stresses in it are due to the shear
only and after the plate has buckled,
bending stresses are also introduced,
and in addition, the middle plane of

the plate is deformed and extended,

introducing membrane tensile stresses,
which react on the compressive zone,

Fig 3.4 minimizing their influence.

This introduction of the membrane tensile stresses,
is the difference between the buckling of the web plates
in girders and buckling of the columns. Thus, according
to Kerensky, Euler load for thin sheets P- 47251 is
misleading, when it is applied to calculate the critical
loads on web plates. The intensity of the bending stresses
is greater near the centre of the plate where buckles are

larger and the shear stress is almost uniform.
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According to the Huber-Von-Mises-Hencky theory, if these
stresses are combined together, then the maximum of

.\//fx? 4% -LF, +342) in relation to
/3fs

Bergman's fs/fsc ratio, where

\//ffr?* Ao facty + 342
VI fs

represents the equivalent axial stress or V3 x appdrent

shear stress. (see fig 2).

( fx = longitudinal stress in web; .fy = yield stress, )
( fs = average shear stress; fsc = critical shear stress)

Using the value of the curve in fig. 2, an approximation
of the critical stress given by Timoshenko is

XY 3/ b2

Foc =(25c;-,—¢){/+4-(5)}.

Figs. 3 & 4 are the original work of Timoshenko. Kerensky

and others(S) developed Timoshenko's idea, by substituting

different d/t and %_ ratios.

According to Timoshenko, critical stress, within the elastic
{mi 7D /b , o2

llmlt’f:""'='a'/_2_{—(7+'5)

where

D = flexual stiffness of the plate. For a square plate

4amD T2 42
Foe = 77 =3/,_/2) 72 > where ¢/ =Poissons ratio,

and this value can be used also for long rectangular plate,
buckling into many waves. When E = 30 x 10 6le/in2 and
v o= 0.3, according to Timoshenko, fsc is a function of
the ratio and this is represented by the curves of the
figs. 3 and 4. These curves can be used for obtaining fsc

values within the elastic region. If the material has a
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sharply defined yield point and follows Hooke's law up
to that point, where the compressive stress reaches the
yield point of the material then the horizontal lines,
together with the curves, determine the values of the

fge for any value of the ratio d/t.

Now, from Kerensky and others(S) modified figures
(figs 3 & 4), Curves A give shear stresses, which for
all values of d/t up to 240, exceed the critical stress
by an amount which will cause an increase in apparent
shear stress up to yield value and this yield will not
~occur over the whole plate, but only at the crest of the
buckle. The equation for the permissible shear stress,
given in B.S.153 part 3B clause 29a, has been obtained
by dividing curves A by the required load factor of 1-45
and these approximate to the straightline relationship.(fig 4).
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3.5. Web buckling and reinforcement:

It is necessary to employ both vertical and horizontal
stiffeners in a deep plate girder with a high value of
depth to thickness ratio'(d/t value). Timoshenko(s) said
that the critical shear stress value for a simply supported
plate is a fuction of (t/d)2 and therefore it decreases
rapidly with the increases in d/t ratio. Thus, a web plate
subjected to shear stresses will buckle before it yields,
if the critical stress is reached before the shear stress.
Sparkes & Heyman have shown by experiments that for mild
 steel, web plateswith 9/t ratio 90, usually yield before
buckling. Kerensky & others(s)stated that, by using
horizontal stiffeners, the overall aj/t ratio can be increased
up to 300 with one stiffener and up to 400 by using two
stiffeners. B.S.153 Part 4 clause 26a (ii) recommends that
the spacing of the vertical stiffeners should never exceed
180 t of the smaller clear panel dimension and 270 t of the
greater clear panel dimension. These limitations are to
improve the ultimate load-carrying capacity of the girder
and also for stiffening the web for fabrication and trans-

port purposes.

Timoshenko said, for an initially'plane plate, the
2nd moment of area of a pair of stiffeners about centre
of the web (I) should be I = 0-3d" t/; . . But Moore
said that, no plate can be 1n1t1a11y plane at all and
therefore, for practical purposes, I = 4/3 d 3t3/b2, if
the maximum stiffener deflection is to remain small in
comparison with web. Kerensky & others(s)did some ultimate
load tests on girders and found that Moore's I value is
adequate. But B.S.153 part 4 clause 27b (i) recommends
that, the value of I showld not be less than 1.5 & ©/p2
(see appendix A part II para. A5.9). This value is about
3.35 times greater than that of Timoshenko's theoretical
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value for long panels and 10 times greater for short panels.

For a given web thickness, the higher the shear, the
closer the spacing and the heavier the stiffeners. B.S.153
part 4 clause 27 b (ii) recommends that the horizontal
stiffeners should be used in addition to the vertical
stiffeners and one stiffener should be placed at a distance
from the compression flange equal to 2/5‘of the distance
from the compression flange to the neutral axis when the
thickness of the web is less than d2/200 for steel grade
43A, where d2 is, twice the clear distance from the -
compression flange to -theneutural axis (see appendix A
Part II para A 5-8). For economic reasons the 4/t ratio
should be as high as it is permitted and since a limited
amount of experimental data is available, the above rule
is based on theoretical analysis with a suitable factor
of safety. The horizontal stiffeners must withstand axial
loads due to bending moments in addition to restraining
.the web plate from buckling and so, the maximum inertia
required is dependant on the ratio of the area of the

stiffener to area of the web plate (i.e. é—Eé%if'value,

gee fig 5).
Kerensky & others(S) stated that the horizontal
gtiffeners are not expected to carry any increases in

axial load, when loads in excess of the theoretical critical

values are reached. Therefore, the theoretical values are

increased by a factor and the minimum rigidity value is
given by I = 4 bt (see B.S.153 part 4 clause 27 (ii). )
. The same statement has been justified by Kerensky & others
on fig. 5. For further increases in d/t ratio, an
additional horizontal stiffener should be placed at ggntral
axis of the girder, when web thickness is less than /250
for gréde 43A steel. This stiffener acts to limit the panel
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dimensions and does not carry any direct load and there-
fore it can be smaller than the upper horizontal stiffener.
This stiffener should have a 2nd moment of area (I) not

3
less than d2% (see B.S.153 part 4 clause 27 ii).

The buckling of a plate due to shearing action, does
not cause failure of a panel immediately, but produces a
change in the manner in which any additional shear load
is carried by the plate. Rockey's(g)investigation showed
that after buckling has occured, the rigidity of the plate
normal to the principal compressive stresses is increased
‘slowly, while the tensile stresses increase rapidly.
These principal tensile stresses, which act along the length
of the waves, exert lateral and direct loads upon the
flanges. So, it is impo rtant that the flanges should have
enough rigidity to carry these loads. Rockey carried out
some experiments on stiffened plate girders and his findings -

are:-

1. The web plate started to deflect as soon as the loads
were applied and these deflections were due to the
presence of initial deformations, but these were
considerably less than the thickness of the web plate
and therefore negligible.

2. For welded plate girders, the flexural rigidity of
the flange about an axis passing through the centroid
of the flange and normal to the plane of the web plate
is low and such a flange is not capable of carrying
loads without severe deflections. These deflections
will increase the depth of the web buckles and will
éause increase in bending stresses in the web.
Subsequently, this will reduce the ultimate load
carrying capacity of the panel. :

3. The post-buckled behaviour of web plate subjected to
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shear has shown that the buckle formation and more partic-
ularly the depth of the buckles, is affected by the
flexural rigidity of the flanges.

It is apparent now that, in deep plate girder where

4%-ratio is high, both vertical and horizontal stiffeners

are necessary and the most effective position for a single
horizontal stiffener is at mid-depth of the web. Rockey
has examined the influence of changes in the size of

this central horizontal stiffener and of the vertical
stiffeners, upon the buckling stress. Consequently, he
has suggested a new formula, superseding Timoshenko's
theoretical formula and supported by the experimental

research work of Budiansky, Conner, Kuhn, Petterson etc.
wk7lgt?
Timoshenko and others, /s WL
critical shear stress coefficient whose magnitude will
depend upon the support which the web receives from the
flanges and the stiffeners. Rockey(lo)said that, for a
web, reinforced by the vertical stiffeners of Zero
torsional rigidity, Stein and Fralich have provided
theoretical values of K for different values of stiffener
rigidity. He also said that, Kleeman has developed Stein
& Fralich work to allow for the effect of the torsional
rigidity of stiffeners. Later Rockey established that
for single sided stiffeners, the relationships between
the buckling coefficient, the non-dimensional parameter,
y and the aspect ratio (°/d) were
K=Ky + A f/;z
f Where K = Kyv ; Kiv is the limiting value of K, for a
“'web reinforced by vertical stiffeners only.
Ku = critical shear stress coefficient of the

where K is the

unstiffened plate.

. stiffness rigidit

L, _EL graity

T d T rigidity of strip of web plate equal to clear
depth, d
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but -~ 2 /77, where 77, = the limiting value of
for vertical stiffener.

A = a constant.
1o = 2rs(g) - 75(5)
KLV = 80 + 57 (g)z

But, no similar relationships, theoretical or experimental,
have been obtained for the case of a web subjected to

shear and reinforced by both vertical and central hori-
zontal stiffeners. Therefore, webs with central horizontal
stiffeners must still be designed according to previous
practice, such as B.S.153 part 4 clause 27 (ii), where it
is stated that for horizontal stiffeners, the 2nd moment
of area(I), should not be less than 4Sgt3 where S{ is the
actual distance between stiffeners (see appendix A part IT

para. A5.8).
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3.6. Restraints on stability of the compression flange:

The stability of a beam member is usually ensured
by judicious connection of restraints along its length.
In through-bridge girders, intermittent restraint is
provided by stiffeners attached to the transverse back
beams. If the restraints exceeds a minimum stiffness,
then the girder may be forced to buckle with nodes at
these supports. In such case, it is advised in B.S.153%
part 4 clause 34, that the compression chord should be
treated as a strut supported by a number of deflectional
Springs. Seide and others(l4)sought to define the minimum
stiffness requirements, and found that the buckling occurs
with a half-wave length, equal to the spacing, (a), between
supports; with more than three intermediate supports
within the span of‘the girder, the stiffness of each of
these supports at flange level should be defined as:-

b = jeeg
where, & = stiffness of supports to the through-bridge
girder. i.e. lateral deflection per unit load

of the compression flange at the frame nearest mid span
of the girder, taken as the horizontal deflection of the
stiffener at the point of its inter-section with the centroid
of the compression flange, under the action of unit
horizontal force applied to the frame.

@ = distance between frames (or supports)

E Young's modulus

Ic maximum moment of inertia of compression flange
about y- vy axis of the girder.

B.S. 153 part 4 clause 21(b) suggests that in the case of

’very rlgld frames where & is less than 4v£u, , the

3

horizontal force F shall be obtained by putting s - éé;

‘and the effective length, / - .

- 40 -




Kerensky and others said that when less than three
supports are used throughout the length of the girder,
the above defin tion of stiffness is conservative.
According to B.S153, the permissible compressive stress
is 9 tonf/in.2 (from table 3) and this value may be used
in deép plate girder provided that the critical bending

stress 7725 ( 13} 2
- = (£ - - ——2
le = T2 “ 4477/
where // > 1

where B = width of flange plate

and 4/ = a numerical coefficient.

The above expression has been derived by Kerensky and others(s).

They also said that if # is greater than 1, the support
stiffness may be reduced without altering the permissible
compressive stress. The curve plotted in Fig. 6 may be
used to estimate the modified stiffness. Once the value
of # is known, from this curve, the value of __Z_i

may be derived. S&/e

Again the curve can be used to obtain the effective
length for buckling over a half-wave length, greater than
the spacing, a, in which the stiffeners are deformed during

buckling.
ﬁqw the critical stress.equation may be written as
e TE(F) L ZE(E)T s
Where 4 s > 7
. 43
For a given value of é—E—Jc ,/’/ may be obtained

from the c%rve in fig.6 and therefore /= av” . 4
Pimoshenkd dealt with the problem and he states that (= 22/fl. 50.
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Kerensky and others(s)said that Timoshenko's expression
is accurate when the half-wave-length contains several
stiffeners and is in error as ( — <. The numerical
constant has been modified and B.S.153 suggests that

4—____
/: 25 |/£/c Sa . (see appendix A part 11 para.5-3b)
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3.7. Welding

The evolution of welding practice has followed

. the outcome of research and experience. Up to 1930
riveted structures were popular. Although welding was

in existance during that time, it was used for limited
purposes. Those days, for plate girders, flanges were
made up of multiple of thin plates, graduated in width
and then fillet welds were applied along their edges.

For long flanges, plates were butt welded, but in addition
to the weld, fish plates (cover plates) used to be

rivet ed at joints. In early days, fillet welds used in
longitudinal shear were considered to be safer than butt
welds. Research and developments increased the confidence
in welding and use of butt welds for main joints and the
substitution .of single thickness plates for multiple-
plate flanges took place. The allowable stresses in
butt-welded connections varied from country to country,
and it was between 80 and 100 per cent of the parent-
metal permissible tensile stress apd from 89 to 100 per
cent of the parent-metal permissible compressive stress.
The extensive use of thick single-flange plates, led to
the rolling of special flange plates, in Germany during
1930's. This was intended to facilitate the welding
fabrication and to reduce the stress in the web-to-flange
zone and this also made x-ray inspection much simpler.

In U.S.A., the allowance for fatique of the welded road
bridges was set out in 1947 by the American Welding
Society and had the greater significance in U.S.A., than
in U.K. as the design loading systems in these two countries

are not the same.

Research and development work on steel and electrode
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have improved the method of design and fabrication. The
present knowledge of the behaviour of welded bridges has
increased the permissible stresses in connections.

As mentioned above, in early days, the permissible
stresses in weld had been taken far less than the per-
missible stresses in parent-metal, not only that, in
addition to the welds, reinforcement plates used to be
fixed to take precautions against failure. Now it is
known that the strength of a dynamically loaded structure
is not improved by the addition of the extra material and
this extra material introduces more stresses and consequently
.the joint becomes more susceptible to failure.' Today
welding is essentially a ready means for achieving fully
monolithic construction. It is economical if combined
with . sound fabrication practice. The inherent rigidity
of welded joints between cross girders and main girders
may be turned to good account in designing for the dis-
tribution of live load over a greater width of deck than
if hinged ends to the cross girders were assumed in design.
This will increase the economy in material of the main
girders on bridges where the lateral spacing of the girders

is comparatively close.

To design a steel structure, the first preference is
given to mild steel, because it is cheap when compared with
H.Y.Steel, easily available and satisfactory for welding
In general, the carbon content in steel should be limited
to 0:25+/., if welding is to be easy and trouble free.

Steel containing more than 0:25:/+ of carbon may be weldable,
but pre-heating is necessary to prevent cracks in welding.

B.S.43%60 (0ld B.S.15) does not limit the carbon content
and does not insist upon a chemical analysis other than a
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limitation of sulphur and phosphorus and it is vital to
have a constant manganese content (approximately 05 to
0+65./+). The carbon content in mild steel depends on

the thickness of the plate (e.g. for " thickness, approx.
0+16+/. and for 13" thickness approx. 0:24./.). On thicker
material, the carbon content will increase more, to

. maintain the ultimate tensile strength of the steel within
the specified limits. Care must be taken, by obtaining

the mills chemical analysis, to ensure that the carbon
content does not exceed 0:25./..-

B.S.639 specifies which electrodes should be used. It
recommends that for manual process of welding mild steel,
the electrodes should be covered - " =1.3 for metal arc
welding. The parts 1 & 2 of the specification, apply to
normal penetration electrodes and part 1 &3 apply to deep
penetration electrodes. In an automatic proéess of arc
welding, the deposited metal must have mechanical properties
equal to those obtained by the deposition of electrodes

" mentioned in B.S.639.

A fillet weld is defined as being any fusion weld
approximately triangular in transverse cross section, which
is not a butt weld, but including a weld at a corner joint.
A fillet weld, as deposited, should not be less than the
' specified dimensions which should be clearly indicated as
throat thickness and/or leg length as appropriate. For
concave fillet welds, the actual throat thickness should
not be less than 0.7 times the specified leg length. For
convex fillet welds, the actual throat thickness should
not be more than 0:9 times the leg length. The effective
length of a fillet weld should not be less than four times
the size of the weld.
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A butt weld is defined as a weld in which the metal lies
substantially within the extension of the planes of the
surfaces of the parts joined or within the extension of
the planes of the smaller of two parts of differing
31zes.

The size of a butt weld shall be specifird by the effective
throat thickness of the weld,the effective throat thickness of a
complete penetration butt weld being taken as the thickness of the thinner
part joined;and the effective throat thickness of an incomplete-penetration
butt weld is taken as the minimum depth of the weld metal excluding rein-

forcement,common to the parts 301ned.

B. S 153 part 4 clause 59 reccomends only that the
design of welds in steel should be in accordance with
B.S.1856., So, the B.S.1856, which contains the general
requirements for the metal-arc welding for mild steel, has
.to be followed; but this does not provide with any empirical
formulas to work out the required weld size. The current
design is based on the conventional evaluation of sfress
in welds as it is explained in B.C.S.A. publication No.6 ,
1952, (The use of welding in steel building structure) and
a specific text book reference (See appendix A part 11

para. A6.).
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4 ANALYSIS OF ORTHOTROPIC DECK.

4.1. Introduction:

In bridge construction, the magnitude of loads
(both moving and concentrated), are steadily increasing,
To obtain a reasonable long servicable bridge, engineers
have sought for lighter structure, which means a decrease
in self weight (dead load) of the bridge members. Steel
decks have been used in bridge construction since the turn
of this century. DProgress in the design of steel decks was
achieved just before the world war 11 . The initial work
towards the analysis of the steel deck or the grid problems
was done by Faltus and Leonhardt. After the war Dadek in
Czechoslovakia proceeded further into the clarification
of the load distribution methods. In 1930's, The American
Institute of Steel Construction (A.I.S.C.) introduced a
system of steel plate deck system, which is known as
"Battle deck floor", in an attempt to reduce the dead load
of highway bridges. The function of the deck plate was
to transmit the local wheel loads transversely to the
stringers as a part of their top flanges, with an assigned
effective width. The deck plate did not participate in
the floor beam stresses and also did not contribute much
towards the rigidity and strength of the main carrying
members of the bridge.

In 1946, Guyon derived a solution for orthotropic
plates of negligible torsional rigidity. He showed that
any variation of load can be handled, if the coefficients
of lateral distribution are employed. Later Massonnet
derived valid relations from the principles given by G uyon

'énd Massonnet's formulations included also the effects of
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torsion. Working from these basic principles, a number

of researches carried out numerous experiments, which
contributed to the further developments of the orthotropic
deck system. Bareg has systematically compared all these
theoretical and experimental data and made some conclusive
statements which extended the range of application of the

orthotropic deck system.

The analytical approach to the problem of the aniso-

v
tropic plate is based on some simple assumptions. Bares-
Massonnet(17) stated that Poisson-Kirchoff's assumptions

may be used and they are:-

1. The material of the plate is perfectly elastic (the
stress-strain relationship obeys the Hooke's law).

2. The material of the plate is homogeneous.

The thickness of the plate is small, compared with

its other dimensions.

4, The points which are normal to the middle plane of
the plate, initially, should remain normal to middle
plane of the plate, even after bending, which means:

S

[ 2w

be— &

For small angles tan éw.n. Y
Sx = 6::

therefore 14 - -
Y74 zéx¢x/— z

-’57 -




5. Normal stresses in the direction transverse to the
pPlane of the plate are negligible and the thickness
of the plate does not change during or after bending.

6. The deflections of the plate are smaller than its

thickness.
T The directions of all external forces are perpen-

dicular to the plane of the plate.

4.2, Description:

In orthotrepic plate construction, a steel plate deck
is used instead of the more common reinforced concrete slab
deck (composite construction). The plate is topped with
a wearing surface, which'may be concrete or some other
lightweight wearing surface .such as bitumen bound base -
surface. The deck plate serves the function of distributing
loads to the carrying members. As the deck provides a
large area, orthotropic plate deck may be very efficient
in resisting bending. Dowling(l6) and others have shown
by experiments fhat the stiffened: steel deck has a large
reserve of strength under wheel loading. This capacity
is provided by the membrane strength of the deck plate.
Dowling also said that the compressive and tensile forces
are developed through the shear connection between deck
and the main girder webs and their distribution across the
width of the deck is dependant upon the deck's shear
rigidity, the geometry of the bridge and the applied load.
After doing a number of experiments, Dowling concluded
that, the finite element method employing rectangular shell
elements may be used to analyse three dimensional overall
and local elastic behaviour of an orthotropic steel deck,
subjected to both lateral and inplane bending. The inplane
loading in the deck caused by.its composite action with
the main girders may have a significant effect on the maximum
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stringer deflections and stresses under design lateral
load, particularly when the stringers are initially
deformed.

The A.I.S.C. have stated that the stresses in any
member of a loaded orthotropic steel deck is due to the
combined effects of the various fuctions performed by
the deck in the bridge structure. The main bridge system,
with the steel plate deck and longitudinal ribs acting as
a part of the main carrying members of the bridge.

The stiffened steel plate deck consists of the long-
itudinal ribs, transverse floor beams and the deck plate
as the common upper flange, acting as the bridge floor.
The steel plate deck transmits the live load distribution
to the main girders as a simple beam. The participation
of the deck in the main girder stresses causes tension in
the areas of the negative moments of the main girders'and
compression in the area of the positive moments. Due to
the ample longitudinal and transverse stiffening of the
deck plate by the ribs and floor beams, the factor of
safety against buckling of the deck in compressive. stress
areas is quite high. The longitudinal ribs act as cont-
inuous beams supported by the floor beams which transmit
their load to the main girders. The transverse floor beams
deflect proportionately to the loads they carry and thus
provide elastic supports for the longitudinal ribs. The
floor beams connected to the main girders are taken as
simply supported beams. The assumption(l8) is that, the
ribs and the floor beams carrying locally applied loads
are to act as purely flexural membérs, i.e. free from
axial forces, conforming to the usual first-order theory
of bending, disregarding the effects of the deflections

on the stresses.

The bending moments in an orthotropic steel deck depends

- 5% -




on the following factors:-

a) Loading
b)Y floor beam spacings.
¢) main girder spacings.
d) the magnitudes and the ratio of the three charageristic’
stiffnesses of the substitute orthotropic plate used
to represent the actual system, which are the flexural
stiffnesses in the X & Y axis direction and the effective
torsional stiff ness.
The main function of the deck plate is to directly support
the traffic load and to transmit it to the longitudinal
ribs and it should possess an adequate capacity to carry
the traffic load and also should have some reserve capacity
to support any excess loading due to occasional heavy
vehicle or future increase in any further loading. It
should also be capable of resisting the effects of the
pulsating and alternating stresses occuring at critical
points of the deck plate under the effects of the passing

wheel loads.

The design of the orthotropic deck system in this
project has been carried out by following A.I.S.C's

recommendations, (see appendix B) in their design manual
(18)

for orthotropic steel plate deck bridges




5 ANALYSIS OF MAIN GIRDERS: LIMIT STATE THEORY

5.1. Introduction:

The ultimate value of the plastic theory is closely
connected with the physical behaviour of materials beyond

the elastic limit.

Plasticity may be defined as the property of a material
which enables it to be deformed continuously and permanently
without rupture during the application of stresses exceeding
those necessary to cause yielding of the material. Thus,
permanént distortion occurs under stress and this distortion
can be built up to large amounts. So, the final distortion
does not depend upon the final state of stress alone, but
upon the series of stressesfrom the very beginning.

Baker(zo)pointed out that, as compared with elastic
design methods, more rational and economical designs can
be achieved by the use of plastic methods. In an elastic
design method, the Stresses due to working load should not
exceed permissible working stresses, which are laid down
in the British standard specification, viz B.S.153, 449 ete.
The working loads are supposed to be the loads which will
be applied to the structure, in normal usage, during the
lifetime of the structure and the working permissible
stresses are intended to ensure an adequate margin of safety
to accomodate the unpredictable over-loads, defective

materials etc.

Neal(21) stated that, as the loads increase, yielding
spreads quite rapidly through the most highly stressed
section. When this section has yielded fully, it is trans-
mitting a bending moment which for a beam is about 1-15

3
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times greater than the bending moment which was developed
at first yield. At this point, according to plastic
method, a hinging action occurs at this section, the hinge
rotation taking place while the bending moment transmitted
across the hinge, remains constant. When this hinge action
operates, the longitudinal fibres of the beam are extending
or contracting while the stress in them remains constant

at the yield value, so that each fibre may be flowing in

a completely plastic manner. The fundamental hypothesis

of the plastic theory is that, a plastic hinge can nindergo
rotation of any magnitude, provided that the bending moment
remains constant at the fully plastic v@lue. Baker and others
have summarised their theories and experimental findings

in many publications. Beedle!22) at Lehigh University,
published recently, his findings on plastic design. B.S.153
in its present form does not mention any consideration of
plastic design. In the following chapters, it is intended
to investigate the effect of plastic method of design of
the welded plate girder bridge, which has already been

'analysed elastically.

The history of plastic behaviour of any material had
been obéerved many years ago. In 1914, Kazinczy of Hungary,
was probably the first to carry out tests on fixed-end
beams and came to a conclusion that, the failure took place
when yielding had occured at three cross-sections, at
which hinging actions occured. Thus, the concept of the
plastic hinge was established. Kist of Holland in 1917
also published papers, about his findings in plastic
behaviour of ductile materials. In 1926, Gfﬁning in
Germany, took interest in this new approach and published
a book on this topic. This book contains general results,
concerning the failure conditions of pin-jointed trusses,
but the contents of the bookwere theoretical and no experi-
mental confirmation was available., Several investigators
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carried out experiments on simple and continous beams,

but Maier-Leibnitz may be put as the path-finder for the
plastic analysis of continuous beams during 1928 and 1929.
Bleich in 1932 published an article in Berlin, which was
devoted to a review of the plaStic methods for beams and
portal frames. Girkmann also published a paper, about a
year earlier than Bleich, which suggested an approximate
method of designing multi-storey and multi-bay rectanguler
frames. In 1936 Maier-Leibnitz, collected all the infor-
mation regarding the up-to-date experiments and developments

which was also published.

Interest in the plastic theory was stimulated in the
U.S.A., after Van-den Brock published his paper in 1940,
and he named the plastic theory as "limit design". Baker
was the first to realise that, the plastic theory might
be the simple and rational method for the design of complex
frames. A study of ‘the behaviour of frame members which
. failed after they have reached yield point was made and
by 1956, Baker described the work in "The Steel Skeleton",
vol.2. Horne reviewed Merchant, Wood and others work in
1961, which-dealt with stability of frames. Recently, the
use of plastic methods of design has been common practice
in the U.K. (B.S.449 and the revised edition of B.S.153,
which is not published at the time this thesis is written)

and the U.S.A.

In the following chapters a study has been made to

investigate the modes of failure of the following:-
1. Main girders.

a) due to bending.

b) due to shear. .

¢) due to combination of bending and shear.

d) deflection. .
2. Simple plastic failure of cross girders with centre "hinge".

3, Plastic failure locally in deck.
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5.2. Main Girders - Design Considerations:

a)

i)

In bending - In a symmetrical plate girder, subjected

to bending, the static carrying capacity is reached,

when the compression flange fails. The compression
flange may be considered as an isolated column. When
buckling is concerned, a column has three degrees of
freedom(27): i) Vertically, ii) laterally, and/or

iii) torsionally. Fig.5-2.1(b) shows all these direction
of movements.

Vertical buckling of the flange: In bending, the top
flange of a plate girder is in compression and if it
is rigid in all directions then it will be the only
carrier of the compressive force; this, together with
the bottom flange which is in tension, will provide
the resistance-to the bending moment. In a plate girder
the web is braced with the flanges continuously, and
since the required bracing stiffeness is small, the
danger of compression flange failure in vertical direc-
tion is limited to high slenderness ratio. When the
girder is in process of bending, the curvature increases
a uniform compressive stress on the upper and lower
edges of the web., If the web is subjected to bear this
kind of stress, then the failure will occur similar
to that of an Fuler column gpder a stress intensity of
ke ¢
r =l /27(T/—/2) —2
Basler suggested that to prevent vertical buckliné,

the applied force should be smaller than the resisting
force. That means, ,

g < miE Aw 1 - —_ 2

¢ S @AY A § &
This 4/t ratio limit depends on-%% ratio and in general

R |

‘the-%—‘}-ratio is not below 0;5.
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For an upper limit of d/t ratio, equation 2 may be used

in practical design, provided ﬁ%? ratio has been taken

as 0+5. In the case where every flange fiber reaches
yield stress before failure, then the flange force Afd;
should be obtained. The flange strain must be greater
than the yield strain, because, an elimination of residual
stress (7~ ), requires a strain & = (%i—a—;) . Now
substituting the known numerical values,

equation 2 may be written as

24 0 48F
Z < m 3 but for mild steel Ty = 1525 /oxz/‘//n?,

V= = 75 fong fin? and £ 13 000 Aagh! the U/t ratio becomes
less than 360.

ii) Lateral buckling: de Vries(28)stated that, the lateral
buckling of a plate girder depends on the parameter
or {8/pp

Basler(27)suggested that, to obtain lateral buckling stress
two formulas should be used; each one applicable when the
other becomes unnecessarily restrictive. Timoshenko (6)
stated that the resistance of an I - beam against lateral
buckling consists of two parts: St.Venant torsion and
warping torsion. These are referred to as pure torsion
and flange bending torsion. The St.Venant part is due to
twisting of each component plate where the angle of twist
gives rise to a shear stress flow. The warping contribution
is due to lateral bending of the flange plates. '

The St. Venant torsion equation is

. OGS5E - — —
7zr(v) = 7T 3
and the warping torsion,
2
verw) = T E . ____ 4
(%)*? |
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Vers

Basler's concept of the equation 4 is that, of a column
whose effective cross-section is composed of the compression
flange and 1/6th of the web, (see fig 5:2.2).

In order to reflect these two parts, the expression
for the critical bending moment is re-written by Basler as

Moer = TeEly G & + 7L LT 5
/2 V&

Where 4 =31/573+a’/3+.573)—§"4 /272 %fzj

] hd e faradYis) - ,4/ -

5 = £
207+ /)

2
Ly = Far(8)" - L A5

Therefore, the equation 5 can now be re-written as

T ()l )} — == .

Since g = ’2‘

Where Z = A1+ £ %/

Therefore,

7ie? /+!Z Aw
M. | 1BC=v 272 Ag . T42 | 54
zZ | /27 //_;//4»// /? (3+/:f1_’_" z
*275

OCIERONNO
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In equation 7

y 2
term @={@}-/V}} , because the numerator becomes
/0'65[)? s Ve o3
term@= 1, if the flange thickness, 7= /72 x¢  and
if Aw is negligible in compared with As , then

A n o,
Ar —
term@: the radius of gyration, of the equivalent
column composed of the compression flange and

1/6th of the web is defined as r? = /—;—’
but A = Ap +ZAw = B7(7+4 ;{_;/
Hence ,—-2= B?

(3+4 %:__v

.term @= Vad 4

- 2
Therefore the term @ X @ = {VZ,./N)}

Hence Vé}/V, /4// = ‘/{a;,./yj}?,,. {g—c-,.[w)}z - —_—— 8

Thus, it is proved by Basler, that the relation
between these three stresses is the same as that existing
between the sides of a right angled triangle and the length
of the hypothenuse represents the correct critical stress,
therefore, a conservative estimate of the lateral buckling
stress may be obtained, if one of the approximation formulae
is used alone. When either of the two values of 0z~¥)& ter(®)
is predominant, the other can be neglected, since the length
of the hypothenuse is only slightly more than the larger
leg of the triangle. 1In plate girders, the warping torsion
is generally the governing factor and the design should be
based on the column concept 21 , as stated above.
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Fig.5+2+3 shows the critical buckling stress of a plate
girder, plotted against the slenderness ratio of a column
whose effective cross-section is composed of the commpressive
flange and 1/6th of the web. By assuming T/t ratio of 3
and with various slenderness ratios, the stress resulting
from the formula ¢Z~/v) and the exact stress ¢z /sw)
have been plotted in the same co-ordinate system. In this
figure, it will be noticed that the exact lateral torsional
buckling stress z;;/%;yv/), considering both warping and
St. Venant torsion, exceed ' simple column prediction only
a little for a web slenderness ratio B = 200 and even less
for higher values of B. Because the phenomenon of lateral
buckling, if St. Venant torsionwis neglected, is simply
one of theAlateral buckling of the compression flange, the
buckling curves in the inelastic range must be those of
weak axis buckling of wide flange type columns. Basler
concluded that, for welded girders, the critical stress in
the inelastic range must be significantly different. He
suggested that, the basic column curve shown in fig 5-:2.4
should be used for lateral buckling of plate girders
analysed with the warping torsion concept:

ler . 4. (N)?

77 7 T3
"< 7 er ’ 10
for o < A ’ @ - /%)2

/
for A > /2 with :
v A & Ey Ar + £ Aw
Y i A == ———,—— I
A= m 7z {7 Zr ’
In fig. 5+2-4, first the standard slenderness ratio X,
which makes the plot independant of yield stress, is used for

- the abscissa scale. Next the scale for the parameter é& ’

valid only for Zy = _:__; == 0-0co/ as shown.
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Finally, the established parameter, buckling length to
flange width is presented. This lowes3t abscissa scele

is applicable only in the case, when the compression flange
is rectangular in shape. The equation 6, for the general
lateral buckling, has been based on the assumption(27)that,
the shape of the girder cross-section is preserved at the
instant of buckling. This assumption is invalid for plate
girders with high slenderness ratio and also when the
transverse stiffeners are not fitted to the tension flange.
However, this uncertainty of the validity of the assumption,
concerns only the St.Venant torsion part, because it is§
dependant on an underformed cross-section whose component
plates are assumed to be forced through the same angle of
twist. If the joint between the tension flange and web is
pinned, the torsional constant K in equation 6 will be
reduced to half the value for a rigid joint, consequently,
the value of critical stress ¢z./v) will be reduced to
309/6, but value of ¢z~ (») will not be affected at all.
As stated above, the warping torsion in a platec girder is
the predominant contribﬁtion to lateral stability, a
deformation of profile shape has got very little effect on
the resulting buckling stress.

iii) Torsional buckling of the flange plate: Vertical-
buckling of the flange plate is independant of any other
effects, because it occurs in a direction of symmetry.
But the torsional buckling of the flange plate should be
treated with the lateral buckling, otherwise the estimate
of the stresses due to the buckling will become very con-
servative. If all restraint on the flange from the web
is neglected, then the situation reduces to buckling of a
long, hinged plate under pure edge compression at its ends.
Therefore, the only parameter on which the flange plate
buckling stress depends is the ratio of outstanding width

to plate thickness, i.e. B/QT ratio.




In fig. 5+2.5 , the critical flange plate stress is
plotﬁed(27) as a function of this parameter and A’
In the inelastic range the curve is obtained by assuming
that,
a) the onset of strain-hardening of flange plate is at
AN o=ous | |
b) the compressive residual stress of % /,\’:1/2') exists.
¢) the transition curve is tangent to the curves at these
two points.

Then the expressions of the buckling curve are(27)

ler . /-0-55/)\/- 0'45)/'36 e __ 72
7y
for 048 & N £ V7,
rer /
b = — 7 - o= 73
7y (»)*?

for XA > /2 with

AN = /2 , L4 - — 7
27 7T e ~ 7

Where plate buckling coefficient A< = 0-425.
again assuming yield strain & =0°0os7 , the critical
stress can be expressed in the terms of the plate slender-
ness ratio B/2T as shown on the second abscissa scale
in fig.5.2.5. 1In order to eliminate torsional buckling
as a primary cause of failure, the critical stress of the
flange plate given by equation 12, should exceed that of
lateral buckling given by equation 9, resulting in

-/ : 2-9 s}
- > - = S £
2B V/*éz A 27

for plastic range,;;é7_<f2é. This correlation between
2%, & %  has been plotted in fig 5:2-6.
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Design Considerations

A.

 Ostapenko & others(zg) stated that the ultimate strength

of a plate girder under puré bending and having the
large portion of the web in compression may be assumed
to be controlled by the failure of the compression
flange column. Ostapenko's equation for the ultimate
moment '

Ve Y%7 F
M, - _{g{_—’f_’[é’—"—o-oo2 -’—:—’;—(:&_“/‘_’ —?’6’5\/@%) +(/-7{‘:’)J} ---= /0

%z T

2nd moment of area web

where fw
Ter
73

yield stress, web
buckling stress of the compression flange

limitation on equation 16 are the following (29);-

if Gpor > 07 then use .o = 77

and if (_Z{g_. ?-55,/;; / £ O ——— IV
b4

then use/_?e - ?'55|/7r_—£——) = 0. e 78
o

N

The buckling stress of the compression flange is

calculated as follows(zg):-
Lateral buckling: /
Check £ <L 72 + &
7

YA

gz =(7- /7)‘.)/@7 for o XX LvZ ____ 49
/

or /;::-/—;79—2'@- e 20

. or &,;2 /57




where / = unbraced length of the compression flange
(i.e. distance of vertical stiffener centres)

i
and A=A E{f, : A"'Z’é)y - 21

where 4» = 2nd moment of area of the compression flange
about the vertical axis.

2. Local torsional buckling:

check ‘? > 72+ 2—2
73¢
g7 =[1-053(N'-0as5) " Jrg _——____ 22
the equation 22 is for o-«¢s £ A" ¢ V7
or el N>V —me—-
. 7~ //\m)z 4 rer = 23
where /\'/_: 3 //2//"/7)@— ————— a4

27 V owzsr2~£

B. Basler (27)stated that the strength prediction of
a girder cross section, subjected to pure bending is
not so difficult, because only three possible types of
compression flange buckling have to be considered; but
some difficulties in specifying admissible compressive
flange stresses may appear. This is due to the presence
of the following parameters, which influence the result:-
}/, ’ 5—;—, ’ /-;;—" and a/; ratios.

As it has been seen before é- and § control
lateral and torsional buckling of the compression flange
and fal and ?‘3/ influence the ultimate bending moment.

Ag




A slender web burdens the flanges with the stresses
which the web cannot resist. This leads to an increase
of the compressive flange stresses above the nominally
caculated values. ‘

b. 1In shear:- Basler(ao)stated that the ultimate shear
force Vu of a trans versely stiffened plate girder,depends
on the following variables:

i) the stiffener spacing, a. .

ii) the clear depth of web pléte between flanges,d.

iii) web plate thickness

iv) the material properties: yield stress and youngs
modulus (yield stress, 7y = /525 fornt/in? & F= 13000 /m//'/).

Since pléstic shear force, Vp has the dimenSion of a force,
then it must be possible to express the ultimate shear
force, Vu in the form of Vu =Vp-f (a,d,t, 47, E), where

f is a function and is nondimensional. It is also possible
to express & in terms of %/ . All the above variables.
can only occur in ratios and let £ = 5 & /= "/2 .

Thus, the ultimate shear load may be re-written in the form

of vy = vbr (4,8, %),

From Von Mises' yield condition for plane stress, the
shear yield stress 2; = %%% (see fig 5+2.7) and the full v
plastic shear force is reached when yielding occurs through-
out the web depth. Hence Vb = &y o =,5/3- g ———-— 25
From fig. 5+2.8 (a) it may be noticed that, a field of
uniform tension stresses ¢z flows through the web's cross-
section and the resulting shear force, V is dependent on
the inclination &  of the tension stresses. Fig 5-2.8 (b)
proves (3°)that the V/ 1is maximum when ¢ = #5%ee fig 5.2:8)-

o Vmoxr = éﬂf_a/f.

Thus a tension fieid, which is a2 membrane stress field,
is dependent on the boundaries of the plate. These
boundaries may be restricted by means of stiffeners, as




shown in fig 5+2:8 (c¢). A thin-web plate girder, which
is subjected to shear, will reach a stage at which the
compressive stress o7 (fig 5¢2.7 a ) ceases to increase,
because the web deflects. When the shear force is in-
creased yielding initiates along the tension diagonal
and a further increase of the applied shear force causes
a wider portion of the web to yield. As stated above,
that the increase in field width increases by virtue of
decrease in the inclination of the tension stress with
respect to the girder axis. So, an optimum value of the
tension field contribution.A\4r. to the shear'force Vir—
is reached.

Therefore ,¢ (A VV') /r .Sfjmqé)

0

n
0

or z‘[ a’s(¢} Sinpp + S cosP]

with & [ ¢) = dcosd - @singd , His redces Yo
Fronls +2otnd - =

2
‘OI‘,' /14/7 ¢ = - & Z‘ r d;‘/‘d
or, fd/7¢ = ekl Ak - — = - 2
/ < 4
and Sz g ‘[Z- zm—’[z—’_] -——-—-=27

cos & =[2//+.<2[.//+o<2 —a/]-}z e aa-28

Q

an

Prom the above equations, Basler(30)pointed out that the
tension strip inclination is less than the inclination of
the panel diagonal and the strip width a little wider than
half the girder depth. Basler also stated that in .- plate
girders with slender webs, the ultimate shear load is:-
Voo = Vv + V- ————— - 29

o
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If any post buckling benefit is contributed by the tension

field action, then
Vg = Ver = Zrd? = s _775': e 30

From equations 29 and 30 the ultimate shear load

- Zer "z’
Vu l(o[——,f t 3 " (/_/.,47)—] —— 31

% / V4 . 2 3 Zr o,
Where, 7@—: - /*/%} {[.72 5,,72¢J_3} -3 ..;,;..ﬁ112¢

for limitinggise of = 45°

;7 = ler +0F
& 72 = - Zer
then, % . 7. Zr _ _ _ ___— 32
7y %
using equations 31 and 32
Zr
Vo . Zr, 8. - ———— 33
e % 2 (1 +«?)
Where |/, = ultimate shear force
n Vp = plastic shear force
" Ty = yield stress = ;7.';'!— where 7y =-Tz-5mn 2%
" ,( = a/d

& Zer K/.() /?// /2/ / Z‘)

-when 2 /, K =534 + Z-?
and when L £/, K= 4+ -%-‘._’,f ; this value for x

" is only for shear buckling coefficient for pin-ended

rectangular plates.
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An alternate way Basler has expressed the following
values for the critical shear stress:-

for £ £ 7 & &K = 534 + 2 L%

2
Zer = KTE )0 o sa

for £ > 7 &K=5-34+22

. & 7%, PRY:
ler = 72 (/- /?) [/d) ______ 35

Fig. 5:.2.9 shows the dependance of ultimate shear force
on ®/d and %/t ratio.

It is obvious that it is necessary to provide the
load bearing stiffeners at the point of a plate'girder
where point loads are applied, it is also necessary to
provide intermediate stiffeners to preserve the shape of
the plate girdefé cross-section and to ensure post-buckling
strength. To preserve the shape of the cross-section, a
certain mimimum number of stiffeners are required at
certain cross-centre' and to ensure the post-buckling
strength, the stiffeners should have a certain minimum
cross-sectional area, (As). To determine these two factors,
the girder's carrying capacity may be divided in two parts:-
i) Simple beam action up to 7 = 7er and
ii) Tension field action up to yielding in the web,
Basler stated that, the shear stress corresponding to simple
beam action, causes no axial load in the stiffener in any
respect, the stiffener should 6n1y be rigid enough to force,
at its location, a nodal line in the lateral deflection
"mode of the web, In tension field, the stiffener must resist
the vertical components of the diagonal stresses out of
the web at one end and transfer them to its other end, i.e.
it should have the capacity to sustain compression.
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According to Basler, force in the stiffener :

I N /+,(2)

for maximum shear force the value of ¢ may be taken

------ 306

from the equation 32
When «£ <7

£
sty (1- Z) §(7- ey

2 . 78
when £ 27 & &9/ > /05+27’

2 . . . 2 R
sl ~ (474 ) ] (4 i) Tl

The stiffener force Fs can be résisted by the actual
area of the stiffeners As., because when the tension field
is already formed, the pdart of the web at this stage is
unrestricted to yielding and no additional stresses can be
borne by the web. 1In case of stiffeners used in pairs,
(see fig.5+2:10 a ), the area required is, As = ‘?%5 .

But if local buckling is to be avoided then,

As > oorms)E, () i .. 39

In the case where a single plate (one sided) stiffener is

used (see 5.2:10 b ) then,
4 %
= —_— e e e - — - (o)
As = 533 7y 4

But if Fs is increased and the stiffener is propbrtioned in
such a way that the unrestriéted yielding is possible prior
to stiffener buckling, then

As =B i goa

R Z K

when £y = 0-0011, Basler said that the maximum value
of Fs=5.0x10"%¢; /2 , which gives -
yielding along the loading edge: A% =0.0020 d
and yielding all over the cross-section : A% = 0.0012 4

2

20==41
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In the previous sections it was intended to describe
Basler's design method of the plate girder, in shear. Now
it will be appropriate to consider Rockey's method of
dealing with the shear problem. Fig. 5:2:11 shows Rockey's
assumption of modes of shear failure.

He stated that, if there are no imperfections in the
web plate of a plate girder, then prior to buckling it
does not impose any lateral loading upon the boundary
‘members. But once the web has buckled, it has no capacity
to carry any more compressive load across the diagonal ( xy )
and therefore the web has to carry the additional shear
loads by a diagonal tensile membrane action, which has been
referred as "truss type action"(32). This membrane action
may impose lateral forces upon the flanges and so the
girder may fail due to the formation of the plastic hinges
in the flanges. This type of failure depends on the stiff-
ness of the flange plates and as the buckling stress increases,
the membrane action decreases. If the flange plates are
8tiff enough, then the web and the stiffeners develop a
full membrane action. When the web has developed the full
membrane action, then it cannot carry any more shear force,
and at that point the flanges and the stiffeners carry the
additional shear force which together act as Vierendeel

frame.

Basler(3o)assumed that the web plate may fail due to
the developments of the inclined plastic band (see fig 5-2.8)
anchored against the vertical stiffeners. This assumption
is based on the theory that the flanges of most of the
plate girders are too flexible to resist the membrane action.
Rockey said that, this type of collapse mode may "gignificantly
underestimate and overestimate" the strength of the girder.
According to Rockey, when a web plate in shear, buckles
prior to yielding, then the failure is due to the development
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of a diagonal tension band which is fully yielded to-
gether with the development of the plastic hinges in
the flange to form a mechanism (see fig.5+2+11 and 12).
Rockey has proved by experiments that the width of the
diagonal band, s(see fig 5:2:8 ¢ ) and the position
of the plastic hinges depends on the I/git ratio,
Where I = flexural rigidity of the compression flange
about an axis through its centroid and
perpendicular to web plate.
" @ = s8pacing between the transverse stiffeners.
" t = thickness of the web plate.

Rockey's theory of shear web design: As in welded
plate girders, flanges have low torsional rigidity(Bz)’
it has been assumed that the shear web is simply supported
on all edges. Rockey's(33)previous experiments show that
the web develops a tension band (see fig.5¢2:12). The
angle of inclination of the tension band, (gb) is equal
to the inclination of the geometrical diagonal and the
tension band is symmetric with respect to the geometric
diagonal. The width of this tension band is assumed to
be such that the intercept of its boundry with the flange

coincides with the position of the plastic hinges in the

flanges.

Rockey and Basler both agree that the angle of
inclination of the tension field will be close to 45°. 1In
a vertically web stiffened plate girder (see fig.5°2:13),
it may be seen that there are two stress regions, i)two
triangular wedges in which the critical shear stress
subjected to act, ii) a yielded diagonal strip. According
to Rockey, the tension stress, ¢7 acts uniformly over

‘the diagonal band and yield occurs, when (¢ reaches

a value of Jzy .

- 81 -










Under the stress condition as shown in fig 5°2.14, the
stress in the diagonal web strip is given by

Vz = ler Sin2f + Tzy
Ve s ler S0 28 ———— - —— 2
& v s Zer cos 2

Now Rockey has usedfHuber Von Mises plasticity condition,
that is, vz = Zyw

where, 7z = maximum compressive’ gstress as per Mises
& Jgew = tensile yield stress in web.
t, sz - \fzl 4 o rT? —mem 4

substituting equations 42 into 43,

Gg =-3 Tersimzd + )05l + %2[( ] 5nop)?-3] --—- 44

The vertical component V- due to the diagonal stress (zy
may be written as

W= 207 5in B (-5 ter 50’ + ,/f;f, # 6-"{(5’;,»7@2- 3}) - - 45

The critical shear force to cause the web plate to buckle,
VC/‘ = 7-” a’f

. 5
and 7;,4, =

Now, Vy = Ver +# Vr

. " Z - ,?_/' _‘6 ) @' 2 0 2
o o Vuz ?y:/- —?,9—::;+2/.’—/2‘<}J7/7€¢[ff zﬂ/?y.‘ﬂ)'f//,‘/%}{%/f’”/zy'/} —-46

Values of C may be theoretically found by using Rockey's
collapsemechanism as shown in fig., 5.2.12.
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His collapse mechanism assumes that the hinge coincides
with the edge of diagonal strip and the loading consists
of the vertical component of the diagonal tensile membrane
stress (¢y. Then the solution of this mechanism reduces
to the solution.of the equation,

3 2
) _ /e 4Zpf Tgp = N
(%) - (%) + Iy R

Where Zpf = plastic modulus of the flangé plate.
Rockey proposes that when the web buckling stress is less
than half the shear yield stress, a depth of web plate

| Z = 30¢(7- Z%2) be assumed to act with the
. Ty
flange assembly.
Rockey provides the following limiting conditions to satisfy
the equation 46:
a) for very thin web and rigid flanges
Zer = O then,
Zu 28K 5 5107
Zojov
but for rigid flanges ¢ = ©-5and for square web panel - g£5°
’ @
then Z - 2 Zy or g
b) for very thick web Z. = Zgu
c.o Z/ = 7_;;4./
c¢) for very flexible flanges
5 == o  if the flanges have zero stiffness and
cannot withstaqd any lateral force,

then 7, = Ze-

If /327~ exceeds the limit of proportional stfess,
then the. effective modulus is less than modulus of
elasticity (E) and this reduces the critical stress.
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Basler has recommended that 7z~ should be replaced by 2z45.

when e > e-8dy
V3

and Rockey stated that

Tér | . 2/ Tyw e e .- 48
Tys Cer

In fig. 5+2.9 dependence of the ultimate shear force on
a//d and d/t have been plotted for both Rockey's and
Basler's equations.

Ostapenko and others(zg)derrived the following formulas
for the case of pure shear, on the basis of the beam action
theory: For a plate girder, with the area and thickness
of the tension and compression flanges = equal (as in case
of this project) and for A £ 058 (strain-hardening range),

<o {1 a3ose- " T T (T )b <ot

for 058 ¢ AL V2 (elastic-plastic range)
Vi = ;[/-05/5/)\ asa)”gj,ﬁ[”")‘ 03‘”] /’;; /_f)}___-- 50
for A D> Ve (elastic range)
- o 9—/973 2 /A/ 4
Vi < 67/ 2 /)]+ L2 rﬂ)} R

Where Vb = plastic shear of the web = ,é/ Vs Ans

-2
and A 4 2(/- v Z A Zed

= 7 /3 72Z ~< R

7K = plate buckling coefficient. Assuming the web is fixed
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at the flanges and simply supported at the transverse
stiffeners (agrees with Rockey's statement(Bz)},

S I4 G55

K= =3 +EZE -5 4 10K X |

where ¢ £ 7°0

</ 2-88 -
or, K= 8398+ Aé__zﬁ_ <3 - - - 54

where o 2> 7°0O

It has been established by Rockey(33)that the position
of the plastic flange hinge depends on the flange's
relative stiffness. The partial tension field (see fig.5+2.13
and 14) renders the ultimate strength of a plate girder
under pure shear as:-
Vi = ad?t s
4(0-c)? +a?

according to Herzog(34), this equation is valid for

- = - ... 55

O'79LL K £ 76 on/y.

If & L0075 but > 76 then this equation to be multiplied
by the factors

3% >

- 7

| fr = X o >

thus Ve e AW
, ——— - - - - S0

or Vi = Fz2 Vu

a/
Equation 55 and 5¢ are valid only when 7 > /4O.
For webs with an intermediate slenderness(34),

Vo = o -(1pp - VJ)/%—%—Z?) SRR
Fig.5+2.15 shows the pattern of a collapse mechanism
which occurs in a longitudinally stiffened web of a plate
girder. Considering Panel 1, it is stated(32)that the
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panel will impose lateral loading on the flange and a
yield zone will develop as indicated with hinges forming
in the flanges, the position of the hinge,Ci in the flange
varying with the rigidity of the flange and the buckling
stress in the panel. Panel 2 which is the adjecent panel,
will act as a very stiff flange, at the position of the
longitudinal stiffener. The position of the hinge is
assumed by Rockey, at o-s« . Therefore the shear load

in panel 1,

Vi = [Z:r/ ait + tsin’pi e (C', + 0-5a)] ————— 58
and
Ve =[Terzdat +(0-50+ C3)5m%ps r,‘yg] .. 59

But total shear load on the whole web,

V = VvV +V2 , [/'-e-, eguatior 58+5%) ___.. eo

Longbottom and Heyman(8) derived the following design
formulas, after experimenting with numbers of miniature
welded plate girders with d/t ratio of 85, 241, 299 and
401, compared with B.S.153 normal limits BS, 240, 300 and

400: -

i) +the applied loads should be multiplied by a suitable
load factor and the bending moment, and the shear
force should be calculated at the plastic hinges.

ii) the average shear stress, o = kﬁ? and should not
exceed.,éé'times the yield stress, 7o (of the web)

iii) the permissible plastic bending stress, 75 in the
web should be

0 = it -3%7 o G

iv) flange should be designed as A7 = Ae + A% —--- &7
where A7c = B7 ([ +7)0gm

and M,V=4/fa/2@—
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Referring to fig 5-2.16, the vertical line Bc at
V= /i@ fa/ 74, implies that the web fails in shear and
the girder can carry any amount of moment up to A7, ,
which is the moment of resistance of the flange above.

The curve represents a girder with d/t ratio of 85, B.S.153
allows a maximum permissible shear stress of 6 tonf/inz,

but a mild steel (B.S.4360 grade 43A), having a yield

stress of 15-25 ton f/in2 will yield im shear at 10:25
8-80 tonf/in°. So, the load factor for a simply
supported girder should not be greater than-§%§g = 1.47.

Similarly, the load factor in bending (to 9'5 tonf/in? as
stated in B.S.153) is about 1:85 for a simply supported
girder. ZLongbottom and Heyman suggested that, a uniform
load factor of 1:75 should be appropriate. Horne suggested
that, if the depth of the plate girder is moderately
larger than the flange thickness then

M:—a’/ﬂ;v‘ %’)VZ —————— 63
and V = Aw Za -——————— c4

If failure occured with combined bending and shear deform-
ation, then the mean web shear stress A/ 7o , where A~/
is the load factor, and the equation of the moment of

resistance should be

A 2 2 » 2
NI = o Al + 2’-"\/@:« SNt T } —— o5
Substituting the value of in equation 63 and denoting
r. Af  ratio
y V4
Z
N 3T ior(ner)m s/ lali+er) m s an-nt)' B ae

201+6r) g ? 4 2772

When A, is larger than A,, then the section may fail in
shear without bending. In that case A = /é ( 7?5%?? ).
Horne stated that the correct value of load factor is
lower of the two above estimates. It has been assumed that
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the design of the web plate is governed by the allowable

shear stress. If some limitation of shear stress is made

by Z;/ , then the equation &4 should be re-written as
V=% (Ltter )4z . 7

AR Vil

At a load factor N , the mean shear stress in the web
becomes

Za = (,’j::/ N?a and that quantity should

be substituted for A% in the equation 65, also sub-
stituting the value for A7 from equation 63 to equation

65, the expression for the load factor becomes,

3(7 +4r-)@‘,.,{4/'(/+4/') +/[(/+4r)2 2+ 5(1-16(~) (%) "]
1/l+ér§7y“ + 27/?b)2

N:=

The values of A/ calculated form the equations 66 and 68
have been shown in fig. 5-2.17. The values for 7 , Zo
and ¢y have been taken from B.S.153 part 3B, table 3.

Horne stated that when ~’= 2% - 27a , then the
: 207°- Tor)

minimum load factor for value is obtained.

In fig 5+2.18, Horne suggested that, this ‘chart may

be used to find the minimum practical load factor obtained .

under combined loading, because the maximum shear stress
may not be so limited that, it will control the design
of normal section. He also stated that the load factor
of 1.85 for pure bending and 1:47 for pure shear failure
which has been suggested by Longbottom and Heyman is not
justifiable, because the difference is too much. Horne's
suggestion is that safety factors higher than 1.5 are

‘nowhere required.
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A.I.5.C. proposed that when <4 = 0.0011, then the
factors against ultimate load and yielding are Al = 1.65
and Ny: 1.46,

Basler suggested that the Aw = 1.83 and A/y = 1.73,
If Basler's suggested factors are considered then the
equation 33 becomes:-

7+ Zer

I Ze,
Z;/ = d —Z—é—,"'/‘ 2y ) For '7_? <7
S 2 N 4
By
f; ler
- — fer 7 K<
2ot T A3 £ 4
2 A
with 2e< 7 V3£ e

Gr - Ja-éifzﬁf. ~< For
12(7- )y B*
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C. Main Girder under combined bending and shear:

Most plate girders are subjected to be under com-
bined bending and shear, In some cases, a plate girder
may be subjected to bending moments only, but not just
the shear force. Basler(31)stated that in a slender web
of a plate girder the stress rearrangement is due to the
web deflections, and in previous sections of this chapter
it has already been stated. 1In stokey web of a plate
girder, bending moment cannot be carried by the web, because
of high concurrent shear is transfered to the flange through
yielding.

Basler proposed the three following equations for
moments of a symmetrical girder cross-section:-

Mp= 0y dAf et == JO
My= 0g o (A +E4Am) - — —~~ 77
Mp = /y‘a’//l/ +4/,4w) —_—————-72

Where A¢>= flange moment which is carried by the flanges
alone, when the stresses over the flange are equal to

the yield stress.
My = yield moment which initiates yielding at the

centroid of the compression flanges.

and M = plastic moment which is the resisting moment
of a fully yielded cross-section.

After a loading condition is fixed, the shear force
and the bending moment at any cross-section of a plate
girder, denote the load intensity. Thus, the moment/shear
ratio is independent of the load and characterises the

loading condition.




Basler(31)expressed the following equations in terms

- of stress:-
M= My 200 )[7- (%) ] - -- 73
N Z My [ Mp-ArYy Aw 2
F e 22) ] e
7 = /; /*é A%/[/—/%)J R

/7 + Y% Aw
¢ 2z

Y 14 G e [7-(T)]
~ 7+ % '4%/'

The equation 76 has been derived from

/\72 flange stress, g— , due to bending

M,
7z

yield stress, fj
VAw = average shear stress in the web

Vc//
Aw = ultimate shear stress in the web

AMp -
and the ratio of %and ;},A’/’which are expressed in
equation T70,71,and 172.

Considering A = 1.65 as per 4.7 s5.C.

< (27-12x%,) - —- —---77
Considering A/ = 1+83% as per ,4.45//0*
< (245 - #x%,) —-- - - - 78

(*American Association of State Highway Officals).
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Basler stated that the presence of shear has both
a detrimental and a beneficial aspect. The beneficial
aspect is due to the fact that shear forces always imply
a moment gradient and thus, only a short girder portion
is affected by the maximum moment. The adverse aspect
is that a web which is exhausted by shear cannot simul-
‘taniously take its allotted bending moment and the
-flanges will have to compensate for it, resulting in a
higher flange stress than computed by the sectional
modules concept. '

The overturning moment causing lateral buckling is
made of a contribution by the compression flange and
another by the web. A rearrangement of stresses between
the web and the flange, does not change the overall or
resulting overturning moment. Let the ultimate bending
moment be My , which is due to the flange instability,
then the equation.‘ggb =7 . Now, this equation is
independent of shear, but applies also to lateral buckling.

Basler's equation for lateral buckling are as follows:-

Cx)?
£ Cy

when o < N K VZ c,

e . ;27

g (N

/

when N >yzc,

ger

(220
7y

———— 79

%,

/ ‘E.V =/ fyA;-/-éAw
P

—

7"—2' T2 ) J/-

/
where, A\ =

and & = d/oc‘/a/- = 75 — JOSK -/‘0'3/<'2

where K = ratio of the smaller end moments of a long-
itudinal girder segment free from.interspan.:loads
to the larger end moment.
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Rockey(32)stated that the web plates are usually
subjected to a combination of bending and shear. The
following factors are to be considered when determining
the failure load of a web plate loaded in shear and
bending:-

a) the reduction in the buckling stress of the web due
to the presence of the bending or direct stress and
this buckling stress %r, can be calculated from

/75-6)—}_( 2) =7 —-mmes 27

where (4 = critical bending stress when acting together
with shear stress.
Verb = critical bending stress when the plate is
subjected to pure bending.
Z» = critical shear stress when acting combined

with bending stress
Zer~ = critical bending stress when the plate is
subjected to pure shear.

In case of all edges simply supported:-
Zf
Vzrb = 23-9{ Z4 }{/d ______ a2

Zere =/5'3'5+ g;/z)( 7% )( ) wherr @ 2o --- 83

/2/, /2)
4
ler = 35 ‘/l+4){/2;2“;z) }{Z/} phern @4 o ---84

b) the reduction in the magnitude of the plastic modulus
Ze of the flanges due to the presence of the axial
compressive and tensile stresses. For flanges having
a simple rectangular cross-section the reduced modulus is:-
Zo 2o /1= (G)T - -- o5
where ¢ = axial stress in the flange
and (; = yield stress of the flange plate.
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c) When a panel is loaded in direct compression, the
central area of the panel buckles, becoming unable to
carry any further direct stress and any additional direct
load has to be carried by the web material adjacent to
the flanges and stiffeners. As the stress distribution
in a yielded panel whirh is subjected to both shear and
bending, is very complicated, Rockey stated that, after
the panel is buckled, the flanges alone carry the addi-
tional shear loads by the development of a diagonal
membrane stress fty. So, when a web plate is loaded by
direct bending stresses and also by shear stresses, the
value ofnthe diagonal stress, I%y comes to

- 4/(37 5n 24 + G5 517 % - 205 oY) BT simipe T’y - 200 %)
Valot +372 - 7] —-- 8¢

Fig. 5°2.19 shows a typical example of a panel of a plate
girder reinforced by both transverse and longitudinal
gstiffeners and subjected to bending and shear. In panel 1,
there is a direct compressive stress of ¢me; and a pure
vending stress at the flange to web juction of Tnbt
Rockey suggested that the critical stresses Zme , Imé , and
Zn»may be calculated, within reasonable accuracy by the

equation,
e Imb e —
/”’)+[,_)+(@,_)I 87
Where q;; = the critical uniform direct axial stress to
cause buckling
Vmw4 = the compressive edge stress causing buckling
in the panel when loaded in pure bending.
Zero = the uniform shear stress to cause buckling
Now,

2
7 ¢ when all edges are simply supported.- 88
= 4/ ][ %] :

//1/
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2 2
) 7E Ly . .
Cop = 541 ,27/_/—2)][ %] When longitudinal edge is
clamped and the others are
simply supported ----- 89

2 4
Ozrd = 4/7/;7/7{—7—[2)][%] When the compressive long-

itudinal edge is clamped,
the othem simply supported.-. 90

V4
3-5/ 72 £ e
Zpe =/—707+/a )3/2][;2 /—f/‘][é'] When one longitudinal edge
%, is clamped, the otherssimply

supported. ———_ __ _ 99

Therefore, once the critical stresses, "me, %»e & Z» for
the individual panels have been determined, the stress
distribution at buckling will be known and the collapse
"load for each of the panels may be obtained by using the

equations:-
3 2
(5= (&) + (25
and |

Ty =z’///3%ﬁnz¢ *%‘fmfé-2%@5‘?)+//!Z}>./m2¢+5;ﬁ»2d-z%cas ?) -
20243745 - 75 ],
The solution of these two equations is quite difficult and
to use them in practical design will be a very complicated
work. Ostpenko and others(zg)suggested that the '"beam
action" shear for the combined loads is
Vip =  Zm Aw

where Lé% = beam action shear under combined loads.

Z» = shear buckling stress under combined loads.

t
N
1

Aw = area of the web

Now, % /4R a3 ~R [ 1z )2

ow = + > (VE;A)+ N /fZ:A) =1 --=-91
0= M Ars Yo T

Where ,::// / z ) ——— J7a

L M= //d

AAN UNIVE
sQIENDE
14JUL....

8garion
Ligr
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Y.= distance from the centroidal axis to the compre831on
edge of the web

7, = bending buckllng_stress at the extreme compression
fibre of the web

R= ratio of the maximum tensile stress or minimum
compressive stress, to the maximum compressive stress.

2
Terb =i 72 Z o
& /2//_/2) //d) < v - 5/b
As = /3'54-/5-64R+/3-32,?2+3-35,Q‘9 -c—e—— 97C

. Vs is directly related to 2

Then, 7 . Z. VA(3-R)? 416 - (1+R/F) 92
2;2+(1-R)F}
Ao e Ao Zep )2 e 920

7 Teré

Ostapenko's proposed formula for ultimate shear is,
adding the results of the following equations:-

1. l/m= Zﬂ“?AN

Vﬂ = r_
3, = !/ + £
Ve ( y;,)

The strength of a panel is controlled by the failure
of the compression flange and at this point, moment is
dominant. Ostapenko developed the following formula from

the numerical computeroutput:-

/ (4/’ +.301.‘2) (75‘;‘ /‘//C )O -a---93

Lﬂrz ) ﬂg 41347
A o
(/V V yer Ye + A

Where B = 0-3.55)\-0/96 For 0s58L N L /?
B 0235\ - 005 Jfar N 2>/Z
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/
k?f = Incomplete tension field action shear under

combined loads.
bﬂr = frame action shear under combined loads
02} = buckling stress of the compression flange column
V/"= plastic shear of the web
b¢f= tension field action shear under pure shear

The ultimate shear is,

/
bé% = Vm + Ve + K}c e e e — - _. 94
and the moment, Az = Za v |

_ This moment should be checked so that it should not

exceed M.
Herzog(34)statedvthat in plate girders with very thin

. webs, especially those welded automatically, crippling

can become a problem. So he suggested that the web
crippling load is

P - /430/2[/77#/—25]12‘-;///+;).Z/0£5+/;Z-;)]\g//-/g)z ——--9
. ' ol 7

Where /5= length of the patch load

" 7, = maximum bending stress in compression flange.

A,A.S.H.O0. recommends the following points for load
factor design:- ‘
for flexural members, assume that compact sections are
capable of forming plastic hinges, which when the plastic
moment is attained, rotate under increasing loads with
little or no change in moment. Braced sections that do
not qualify as compact are presumed incapable of developing
moments in excess of that at first yield of the sections.
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For fully braced, compact, symmetrical sections:-

1. Width-thickness ratio of flange projection should

not exceed, &, - =2=2& . ... 97
7y

2. Depfh—thickness ratio of the web should not
exceed, _f{ _ A27

£ V77

3. The compression flange should be supported laterally
at intervals not exceeding the distances:-

------ 98

L - 2224 sy My > O 7ag - 99
A z ’
L - 3727y whern My L 07+ --— 99
—
V' Ty
L= - 92

M= larger -of the bending moments at two adjacent
braced points

M= Smaller of the bending moments at those braced

points.
4., = axial compression should not exceed,
g = © /54 Ty -~---- 00
where 4 = area of the cross-section
5. Shear should not exceed,
V = ossag oy 0 - rof

The moment capacity for fully braced sections may
be calculated from,
M = Ty Zeo
Members with axial loads in excess of 0:15A £y should be
designed as beam columns,
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Transverse stiffeners are required for the web members
not satisfying the following equations:-

a) V = oss a’t;f
b) V = .5'5_D££

where 20 = unsupported distance between flange components.
C) \//b = o5 D—Z‘- f;
The web depth-thickness ratio with transverse stiffeners
should not exceed, D . _/ /55 . 02

7 Tm

If a girder panel is subjected to combined shear and
bending, with shear exceeding o -6l where |, 1is the
ultimate shear force, then the moment capacity should

not exceed,

N = MYy (1375 - i\iﬂ) _______ E
(77
where the shear capacity '
o87 /— e)
= C + - ~-----/0
& c =569Z /’;_{D/a’).z —o03 £ 1 ---/044a

Spacing of transverse sf&ffeners may be determined from
equation 104 in accordance with required shear capacity.
But the spacing should not exceed 1.5D. At the ends of
simply supported girders, the first stiffener space
should not exceed . 3 .

o = 4558 :%;f ---- ros
Where |/ = end shear
The area of the transverse stiffener should be at least

As =Y[or580¢(r-0) ¥ ~r8¢7] .- pop
Where /B = 2+4 for single plate
Maximum width-thickness ratio permitted for a transverse
/
gtiffener is & = E2-3 ...
74 2= O 7

52

/
Where & = projecting width of stiffener
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Longitudinal stiffenersarerequired when the web depth-
thickness ratio exceeds the value given in equation 102,
It should be placed at D/5 distance from the inner surface
of the compression flange. The radius of gyration should

be at least
ea ST

/° = - mmm - OB
727 )

In the design of transverse stiffeners used with a
longitudinal stiffener, the depth of the deepest sub-
panel should replace D in the formulas. Also, the section
modulus of each transverse stiffeners should be at least

Zst « DD 4
Z = ooS5e e JO9
>4 -4

Where Zsg = Section modulus of transverse stiffener

" Section modulus of horizontal stiffener

Zst,

All these above formulas are uged in appendix E
to work out the properties of the main plate girders,
which has already been designed elastically, (see
appendix A part 11).
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d. Deflection:

The proportioning of the main girders is such that
deflection is not likely to be worthy of consideration.
The deflection of the suspended span is about 14" and
a camber of 13" for the whole span is quite adequate.
A cross camber of 1 in 48 is enough to allow drainage of
the road surface. This is achieved by placing the girder
bearings at the required variation in level on the support-
ing piers and abutments.

One of the advantages of continuous girder design
based on pléstic theory is that, the stresses, which are
induced by the settlement of supports are already taken
into account. Baker(24)stated that the settlements of
supports is irrelevant to plastic design, because, the
relative settlement of supports has no effect on the
full moments at failure. The girders will deflect elasti-
cally as it is loaded until hinges developed(35)and the
slight change of geometry will tend to cause a reduction
in the collapse load, But if the plastic range is small
or the plastic strains are large, strain-hardening will
take place before collapse and the girder will tend to
increase in strength with increasing deflection. How-
ever Horne and Chin(zs)stated that for a simply supported

beam 5ﬁ>= ﬁﬁ TS |

where é%p== plastic component of deflection

/L = Span
and &A= hinge rotation
but Se = Sp + Se
where Se = central deflection

elastic deflection.

and Se.

So, for the main girders this is not applicable, but for

for the cross girders, the above assumption may be applied
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to find the'central deflection.

B.S.15% does not specify any limit in deflection,
but in part 4, clause 21, takes care of the lateral
deflection of the plate girder. B.S.449 clause 15 stated
that "the maximum deflection due to loads other than the
welght of the structural floors or roof shall not exceed

/360 of the span"

5.3. Cross Girder - Limit state analysis:

It'may be noticed from previous chapters (of elastic
method of analysis) that the cross girders are placed at
11.5 feet centres. The cross girders are bolted (with
H.S.F.G.Bolts) to the main girders and therefore it is
assumed that the cross girders are functlonlng as simply
supported beams.

From simply supported beam theory it is known that,
if the load is increased steadily from Zero, the beam at
first behaves elastically. Eventually, at a certain value
of the load, the central bending moment reaches the plastic
moment and plastic hinge.: is then formed. No further
increase of load is possible if equilibrium is to be main-
tained, for the bending moment cannot rise above the value
of the plastic moment. But the plastic hinge may (by
theory) undergo rotation through any angle while the bending
moment and the load remain constant. The beam can thus
continue to deflect at constant load due to this hinge action
and so fails by plastic collapse. The beam remains elastic
everywhere except at the centre and since the load is
constant, the bending moments during collapse implies
constancy of the curvatures. The increase in deflection
during collapse is due to the rotation at the central plastic

hinge.
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Consistent with the limitation and restriction
and strength provisions, plastic design is Dbest suited
to beams which are fixed or continuous. Simply supported
beams offer no advantage. When collapse load has been
reached, a sufficient number of plastic hinges must form
to create a mechanism. Usually, three such hinges are
required, one at each (fixed) end and the other at the
position of maximum span moment at collapse. At all these
hinges the ﬁalue of the plastic moment generally must be
equal to give a perfect mechanism.

In appendix F an attempt has been made to see the
difference in the values of actual plastic modulus value
and the required plastic modulus value, usihg a typical
floor beam section with deck plate, which has already
been elastically analysed.
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6 ORTHOTROPIC DECK SYSTEM: LIMIT STATE ANALYSIS

6.1 Design Considerations:

The deck system used in this project, consists of
longitudinal ribs and the transverse cross girders,
(@ 11:5 feet centres), both utilizing the deck plate as
their top flange. This particuler system may be treated
as an independent member of the bridge and the horizontal
shear connections between the main girders and the deck
is not substantial. As this system of deck is an independent
member of the bridge, no longitudinal force can be trans-
fered from the main girders into the deck(18). The
longitudinal ribs act as continuous beams and transmit
the local effect of external loads, into the cross girders,
which carry their load to the main girder. The cross
girders deflect proportionally to these loads and provide
elastic supports for the longitudinal ribs. Due to the
common flange (the deck plate), and the continuity of
this common flange, the ribs cannot act independently to
each other; so the ribs without any load should also
deflect and become stressed as shown in fig.6.1 , section

a - a.

It appears to be obvious that the cross-girders framed
into single-web girders are simply supported, and have been
treated separately in chapter 5-<3. A.I.S.C/ étatedmthat
the ribs and the cross-girders carrying locally applied
loads are to act as purely flexural structural members.
Experiments have been carried out and it has been established
that if the load on the deck has been increased beyond the
usual wheel load, or the ratio of the deflection to the
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span of a rib is relatively large, then stresses begin to
appear in the loaded ribs in addition to the purely flexural
stresses, and an additional tension due to a membrane action
of the deck plate occurs. IncrgggggggtsJin loads and the
corresponding deflections, cause the redistribution of the
stresses in the system and the membrane stresses replace

the flexural stresses which are predominant under working
loads. Theréfore, with large deflections, the deck plate
‘behaves_differently from that predicted by the usual flexural
theory which disregards the effect of the deformations of

a system on its stresses and its strength has been found
many times greater than predicted by the ordinary flexural
theory(18). This structural behaviour is due to the com-
bination of the membrane action of the plate and the plastic
strength reserve of the highly statically indeterminate
system of the deck. However, a more precise understanding
of this extremely complicated structural mechanism of a
steel deck plate under large load is still lacking and no
such experiment has yet been carried out to clarify this

sort of structural behaviour.

Tests have been carried out by Hooke & Rawlings(37)
to find out the deflection profile of clamped retangular
plates, and each plate was loaded well into the plastic
range. The plates were of mild steel with width/thickness
ratios covered the range from 50 to 160 and had aspect
ratios (B = b/s) of 1. 3%, 2/3 and ?/3. These tests results
are relevant to this project, if it is assumed that the
wheel load will be placed on the deck as shown in fig.5'1C€)
Hooke & Rawlings experimental values are given by,

25 . 7re (85 )+ 3725
z ,

- Where b = the width of the strip of the plate

" t thickness of the plate

" be central deflection .
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Comparison with the predictions of the theory based
- on the assumption that yield first occurs when plastic ’
gsections form at the centres of the long sides showed
that the theoretical values of-éf— were in every case
lower than those given by the equation. The experimental
values did not lead to a straight-line relationship and
for lower values of 2b/t tended to the origin and not
31.25. Also the theory predicted that plates having the
same 2b/t would not yield at the same value of Sc/t, but

the value increased as p decreased .

Experiments have been carried out(18)on deck plate
panels with closed ribs at University of Stuttgart where
the dimensions of the test panel with trapezoidal ribs
were for a half:scale model of an actual bridge deck panel.
The purpose of these experiments was to determine the
effect of the torsional rigidity, Which is more pronounced
with longer rib spans. The rib depth-to spén ratio was
chosen as 1/44 and the material was mild steel. The
characteristic values for a concentrated wheel load (W)
were computed with the flexural theory and the values were

as follows:-

allowable stress @ W = 1:45 tonf. , 884 tonf/in2
yield stress in rib @ W = 2:56 tonf
ultimate strength @ W = 3-8 ton f

The deflection line of the loaded rib was almost a
straight line. A measurable membrane condition occured
well within the elastic limit, before reaching the plastic
limit at any point and with the deflection under load only
1/500 of the rib span. At further loadincrements (W = 5 tonnes,
which is beyond the theoretical load), an almost linear
relationship between the load and the deflection was observed.
At this loading a deflexion of /3000 of the rib span was
measured., The conclusion of these tests is that, the actual
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ultimate capacity of the longitudinal ribs is much greater
than the computed values. The actual safety against
reaching the yield point stress is higher than the computed
values. Unlike in a beam, reaching plasticity at one loca-
tion of the deck plate does not mean a characteristic point
at which the structural behaviour is changed in any
significént way.

In Appendix G, calculations are provided to examine
the inelastic behaviour of the orthotropic deck.
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6.2 Ultimate load test on the deck:

It has been established(18)jhat, under increasing
loads, the elastic behaviour of the plate evidenced by
the lack of deformations after removal of the loads,
extends considerably beyond the limits predicted by the
flexural theory. Membrane stresses are developed as the
loads and deflections increases, which causes horizontal
reactions at the supports and compressive stresses in the
portions of the plate adjoining the loaded area, and at
higher loading, plastic hinges are formed over the.supports
and the flexual stresses are replaced by the membrane
stresses. Due to the restraining effect of the unloaded
portions of the plate, the deflections are limited, even
at the critical locations of the plate where plastic hinges
are formed. At the final stage of loading, the strain-
hardening phase has been observed and thus the full tensile
strength of the material has been developed before the
rupture at the ultimate load.

In figure 6.2 results of a full scale loading test
has been shown(18). This test was carried out on a mild
steel deck plate. From the load-deflection diagram, it
may be noted that, the behaviour of the test specimen was
fully elastic up to the load of 32.5 tonnes; between 32+5
tonnes to 75 tonnes the load-deflection curve is flatter,
which means, it is in plastic range, finally the deflection
increments under higher loads (over 75 tonnes) are smaller,
which is due to the strain-hardening effects. The ultimate
strength of the plate reached at the load w/2 = 276/2 tonnes.,
so, if the design load is W = 10 tonnes, the safety against
rupture is Z%%. = 27-6 times. It has been concluded(18)
that, the stresses in the plate under the working loads
cannot be used to judge the ultimate static strength of the

plate.
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A.I.5.C.'s formula for ultimate capacity of the plate
is based on the behaviour of a flat bar. It has stated
that a flat steel bar fixed at both ends and uniformly
loaded with # per unit length, acts as a cable, at failure,
with the load carried by axial stresses only, sustained
by the reactions at supports. The total elongation at
failure was found to be very similar to the tensile test
of a specimen of equal length.

For a bar of span,S, and cross-sectional area A,

ultimate load, Ww is given Dby:-

49t A £
Y //:/
Where #, = ultimate tensile stress of the material

S

ultimate elongation (24) ’“G”

. The value of £, is 14+/. for a mild steel bar.

The ultimate loading capacity of a plate with a uniformly
distributed loading system extending only over a portion
of the width of the plate will be much greater than that
of a bar loaded over its full width; therefore an
empirical correction coefficient A -7-25, has been
proposed.(18).

Thus the above equation for the ultimate load,Wu

may be written as: . '
2 = /-25( 4;”‘/"' )@
7

Where t = plate thickness
" /) = ultimate load, /Ay per sq. in.
" /4, = ultimate tensile stress, 4/ per sq.in.
" S7 = longitudinal rib spacing, in.
" E.s = ultimate elongation of the material, corresponding
to the tensile stress, £, .

However, A.I.S.C. suggested that the above formula..is
correct enough, but further experimental varification of

this formula is desirable.

- 117 -




@

Z oad, W /‘/) Sornes

) Sr Sr=300. -_; S S/
—
| | o - |
7 1 0
0 . . ) .

: |: B /Da//)}: & l: lI
h " . \l : J] s
d. ) %o Timby Y |
q - i P ;jd ﬂ

o G OO 7;» f I
:: ) = i ﬁ‘ll l:
| | " ) :l

. N | |
' l | | f
‘ ' il 1 1 ]|

% .
' 26 CH --;x‘-u'..»,-;/ P TS —
3 o —

J00

f

A

Uimat losdy

7301

ok S 457'/”0:'/ oad

(Lloste ronge

losstic rorge

S s haorabrzing ronge

-+

4 &
LA L

4
v

e
(&) Degecsion. d of pornfe,

2 .
Y/ W d

L g
o

A aa?(— Fertection Fragram (18)

_f£17.6-2
- 118 =




119
7.0 Discussion

This thesis has illustrated the evolution and application of the elastic
and limit state theories to a plate girder bridge. Design of plate
girder bridges elastically, has been well established in the current
edition of B.S. 153 and stress computations are no longer a problem to an
engineer, once the loading conceptions are clear and the final bending
moment and shear force diagrams are obtained. However, the maintenance
of elastic stress conditions now appear to be less important than an
understanding of the collapse behaviour of the structure. in limit state
_theory, it has been noticed that, for every structure, there exists a
unique ‘numbér of independent mechanisms of collapse and every other
mechanism may be formed by combining these fundamental modes. By
application of the Kinematic theorem, the actual collapse mode can be
indentified as the lowest value of the collapse load consistent with the
mechanics of the structure and every likely mode should be investigated.
In this thesis, only a few probable modes have been investigated and the
resulting mode has been confirmed as the true mode by computing the
statically admissible bending moment in which the fully plastic moment

of resistance is nowhere exceeded.

An extensive study has been made to understand the work done by Baster,
Rockey, - Ostapenko and others, on the ultimate load method of design for
plate girders. In the following paragraphs, a concluding re-statement is
made.

Ostapenko and others stated that the ultimate strength of a plate girder
under pure bending and having the large portion of the web in compression
may be assumed to be controlled by the failure of the compression flange
column. Baster stated that the strength prediction of a plate girder
cross section, subjected to pure bending is not so difficult, because,
only three possible types of compression flange buckling have to be
considered; but some difficulties in specifying admissible compressive
flange stresses may appear. A slender web burdens the flanges with the
stresses which the web cannot resist. This leads to an increase of the
compressive flange stresses above the nominally calculated values.

Rockey stated that, if there are no imperfections in the web plate of a-
plate girder, then prior to buckling it does not impose any lateral loading
upon the boundary members. But once the web has buckled, it has no
capacity to carry any more compressive load across the diagonal and
therefore the web has to carry the additional shear loads by a diagonal
tensile membrane action. This membrane action may impose lateral forces
upon the flanges and so the girder may fail due to the formation of the
plastic hinges in.the flanges with consequent local buckling. |If the
flange plates are stiff enough, then the web and the stiffeners develop

a full membrane action. When the web has developed the full membrane
action, then it cannot carry any more shear force and at that point the
flanges and the stiffeners carry the additional shear force which together
act as a Vierendeel frame. Baster proposed that the web plate may fail
due to the developments of the inclined plastic band anchored against the
vertical stiffeners. This is based on the theory that the flanges of most
plate girders are too flexible to resist the membrane action. Rockey
stated that this type of collapse mode may "significantly underestimate
and over-estimate'' the strength of the girder. According to Rockey, when
a web plate in shear, buckles prior to yielding, then the failure is due
to the development of a diagonal tension band which is fully yielded _
together with the development of the plastic hinges in the flange to form
a mechanism. Rockey has proved by experiments that the width of the
diagonal band and the position of the plastic hinges depends on the ratio
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I7a3t where I is the second moment of area of the compression flange about
an axis through its centroid and perpendicular to web plate, a is the spacing
between the transverse stiffeners and t is the thickness of the web plate.

Rockey has shown by experiements that the web develops a tension band. The
angle of inclination of the tension band is equal to the inclination of

the geometrical diagonal of a stiffened panel. The width of this tension
band is such that, .the intercept of its bouni?y with the flange coincides
with the position of the plastic hinges in the flanges. Baster agreed with
Rockey's statement and both agreed that the angle of inclination of this
tension field will be close to 450, unless web behaviour is modified by

the stiffener geometry.

Baster and Rockey both stated that the web plates are usually subjected to

& combination of bending and shear. Bastler stated that the presence of

shear has both a detrimental and a beneficial aspect. The beneficial

aspect is due to the fact that shear force always imply a moment gradient

and thus, only. a short portion is affected by the maximum moment. The adverse
aspect is that, a web which is '"‘exhausted'' by shear cannot simultaneously
take its allotted bending moment and the flanges will have to compensate for
it, resulting in a higher flange stress than computed by the sectional
modulus concept. According to Rockey, when a panel is loaded in direct
compression, the central area of the panel buckles, becoming unable to
participate any further in resisting direct stress and any additional direct
load has to be carried by the web material adjacent to the flanges and
stiffeners. As the stress distribution in a yielded panel which is subjected
to both shear and bending is very complicated, Rockey stated that, after

‘the panel is buckled, the flanges alone carry the additional loads. Thus
Baster and Rockey virtually agreed on these assumptions.

After experimenting with numbers of miniature welded plate girders with

d/t ratio 85, 241, 299 and 401 (compared with B.S. 153 normal limits 85, 240
300 and 400), Longbottom & Heyman suggested that the load factor in bending
should be about 1.85, and 1.47 in pure shear for a simply supported girder.
“But Horne stated that these values are not justifiable, because the differ-
ence is too great. Horne's suggestion is that, the load factors higher than
1.5 are nowhere required. Baster's suggestion is 1.83 and 1.73 respectively.
B.S. 449 recommends a load factor of 1.75 for dead plus superimposed loading
and an increase in working stresses of 25 per cent, if such increase is
solely due to the effect of wind. This implies a reduction in collapse load
factor to 1.4. Such a reduction is practically impossible, because, full
wind and superload cannot act at the same time. For certain multi-storey
buildings, braced against wind and where rigorous load patterns are warned,
the load factor of 1.4 may be used on dead plus superimposed plus wind loads.
A.1.S.C. proposed that these values should be 1.65 and 1.46 respectively.

As the A.1.5.C. code is well established in the U.S. (and in offshore structure
design in the U.K.), it may be advantageous to use a load factor of 1.65 on
dead plus superimposed loading and carry out a second analysis at a load
factor of 1.46 on dead plus superimposed plus wind loads. Finally, the more
critical of these two cases will give the actual design.

From these conclusions of recent research, it appears to be certain that a
new design code must change many of the present principles of the design of
plate girders. These changes will, also, depend on the acceptance of new
philosophies of design. Whereas previous procedures were aimed at the
prevention of the occurrence in any component of too high stresses, the new
approach must take account of the new knowledge of the mechanisms of failure,




121

and of such things as the post-buckling behavour of web plates, with the
accompanying changes in flange and stiffener function. Such changes,
when applied to the design code, must result in modifications to the
detailed design of the components of the girder, such as the provision

of greater local bending stiffeness in flanges and vertical web stiffeners.
Some of these changes will result in more economical design, while some
will not have this effect.

Returning to the detailed consideration of the girder bridge, which is

the subject of this thesis, plastic design of the cross girders offers

no advantage, because of the simple supported condition. Consistent with
the changes implied in the application of ultimate load analysis, plastic
design gives advantages of economy to beams which are fixed at their ends or
are continuous. When the collapse load has been reached, a sufficient number .-
of plastic hinges must form to create a mechanism. Usually, three such
hinges are required, one at each (fixed) end and the position of maximum
span moment at collapse.

The deck system used in this project is an orthotropic deck and to analyse
this type of deck plastically, much mere:research should be carried out.
Although, in this thesis, a study has been made to examine the possible
modes of failure, it is not enough to arrive at any suggestive conclusion
to analyse the whole deck system, plastically.

The calculated weight of the plate girder is 26 tons (approx.) when elastic
design method is applied. On the other hand, if it has been designed using
more recently aquired knowledge and using ultimate load techniques based on
this, the weight could be reduced to 21 tons (approx.). Therefore, a saving
of about 19 per cent may be achieved, if the bridge main girders had been
designed plastically. No savings can be made on the cross girders. From
the practical point of view, the cross section of the main girders are too
shallow to fix the cross girders, especially the 38" deep pivot girder.

If the depth of the girders are increased from 612" to 108" (say), the
saving will not be significant. It is quite clear from the evidence

within the scope of this thesis that economies can be made in the design of
plate girders through the greater understanding achieved by recent research,
although no particular guidance is yet available from a published code. |t
is understood that in the next edition of B.S. 153, there will be a major
change and a limit state approach will be adopted rather than the previous
dominance of the elastic analysis.
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8. Apprehension of the appendices.

8.1 Appendix A - Part T Loading conditions.
a. Dead Loads::; dead loadd have been considered for

i. the deck and troughings

ii. the cross girders

iji. the asphalt surfacing

iv. the walkway

V. 8now,

Snow load has been taken into consideration, as stated in
B. S. 153 part 3A.
b. Live Loads;

i, Type H.A. loading system has been considered as
recommended in B.S. 153, part 3A, bgether with the knife
edge loading (for equivalent U.D.L. and knife edge load,
see table 1 and fig. 1, abstracted from B.S. 153, part 34).

ii, Type H.B. loading system has been considered

separately as recommended by B.S. 153, part 3A.

The main girders have been checked for the stability
when the bridge should be in cantilever condition (see
appendix A paragraph 3.3). Maximum moments and shear forces
have been computed for the. girders at cantilever condition
(see sketches sk; 1 and 2). In paragraph 4, the maximum
moments and shear forces have been computed for the main
girders at working position, by applying the dead loads
and the live loads, in various ways, to ¢onfirm the worst
possible conbinations of the loads (see sketches sk. 3 to
10). Then the moments and the shear forces, due to HA
and HB loading systems have been examined. However, it
is noticed that, HA loading system is more ctritical than

the HB loading system. In paragraph 4.2, effect of wind
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load on the main girders has been considered.

8.2 Appendix A - Part II; OStress Computations.

Various stress computations have been provided in this
section of the appendix and most of the formulas are
obtained from B.S. 153 part 3B and 4. <This section deals

with the stresses for the main girders only.

In paragraph 5.3, a section has been selected to
resist the maximum moments at the worst possible loading
conditions. The sectional properties areccalcéulated and
then stresses are computed to examine whether fhis section
is cabable of;jresisting the maximum moments and shear
forces. Finally, the computed stresse§ are compared with
the permissible stresses, as recommended in B.S. 153 part
3B and 4.

In Paragraph 5.4 a heavier section has been selected.
This section of the main girder is at the centre pivot,
which is isituated at 114.5 ft. from the nose bearing.

The reason of the heavier section is, due to the higher
bending moment value at this point.

The sections of the main girder at various distances
have been checked in paragraph 5.5, because heavier sections
may not be required over certain lengths of the girder
and so, a significant quantity of steel may be saved.

In'paragraph 5.8, the requirement of web reinforcements

has been computed as per the clauses stated in B.S. 15%3

part 3B.
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8.3 Appendix B; Analysis of Orthotropic Deck.
‘Maximum moments have been computed by applying dead
loads and live loads (HA and HB type loading systems),
in various ways to obtain the worst possible loading conditions
The basic theory of the orthotropic deck system has been
adopted from A.I.S.C. Manual (18). The stresses have
been computed and again, the value of computed stresses
have been compared with the permissible stress values

as recommended by B.S. 153 parts 3B and 4.

8.4 Appendix C; Floor beams, connections etc.

This section of appendix provides the connection
details of the bridge members. In general, high strength
friction grip bolts are used at the site connections.
| This section also provides the stress computations for
the following;

i.deck over Kentledge box

ii. floor beam at tail jacks

ii*i. Kentledge box detail

iv. slewing gear support steelwork
v. ring girder

vi. roller tracks

8.4 Appendix D; This appendix provides the computations
of the plastic moments of the main girders. Various load

conditions are considered and finally, the plastic moments

are summari-sed in page D20.

8.5 Appendix E; In this part, attempts have been made
to obtain lighter sections of the main girders by applying
limit state theory. Many researchers have derived a number

of formulas for the design of plate girders behaving

inelastically. A few of those formulas have been used
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to be satisfied about the final section chosen.

8.6 Appendix F; An attempt has been made to obtain a
lighter section for the cross-girders; but it became
obvious that, limit state theory is not appropriate to

a s8imply supported beam condition.

8.7 Appendix G; Inelastic buckling of the orthotropic

steel deck has been analysed in this part of the appendix.
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B.S. 153 : Part 3A : 1954

TABLE 1. HIGHWAY LOADING. TYPE HA . -
Equivalent U.D.L. to be used in conjunction with the knife edge load. (See Fig. 1).

— r—— L U, t

; UD.L. for , - . U.D.L.
Loaded | UL for st fapamsyiee | Toaded DAL for longiusdin tanixirse
length, ]‘;M’r"“: o slabs per 3 .”d"_”A SO Jenath, I_C‘f:mePﬂ slabs per Stbs nsn(.] cross
ft in oot foot Firders per ft inear foot linear foot girders per
; of Jane of lane Imu:rlr foct of of line of lane ligear foot of
1 ! ane R lage
3 24200 . 24200 . 22700 12 - 4870 : 3250 2600
4 ;17000 | 17000 11 800 13 4540 . 2950 i 2400
5 ;12250 i 12250 = 7700 14 . 4210 : 2700 | 2300
6 ‘9 660 ! 8850 . 5800 15 | 3880 . 2500 I 2200
7 8280 . 6550 ;4600 16 ! 3550 1 2400 ! 2200
8 7250 5200 ; 3500 17 7 3220 ' 2300 i 2200
9 1 6440 4520 . 3400 18 ' 2880 ¢ 2250 : 2200
10 5800 4000 - 3100 19 . 2540 ° 2200 - 2200
11 5200 3600 - 2800 20-75 , 2200 2200 | - 2200

Loaded § Louded' Loaded | - Loaded | Loaded
length Load . length ' Lond' length ! Load length ¢ Load lenyth Load

ft {ibfflin | ft  Iofin| fo bfin [ ft Wbfin | £ Ibfia
- fit oot Pofe N ft
80 | 2160 | 175 1530 270 ' 1210| 430 1005 ] 1200 660
85 | 2120 | 180 ~1500| 275 ' 1200] 440 1000 ]| 1300 630
. 2020 | 185 1480] 280 1 90|14
945y 0 0e0 | 185 190| 450 950 | 1400 600

B iofes D | 2010 | 190 14c0f 285 1175| 460 985 | 1500 580
Yy 2/7%e— 100 | 2000 | 195 . 1440] 290 ! 1165| 470 975 | 1600 560
o/ofor 105 | 1960 | 200 1420| 295 ' 1155| 480 970 | 1700 540

A 110 1920 | 205 1400] 300 ; 1145 - 490 . 965 ] 1800 520
O = 115 1890 | 210 1380} 310 : 1130| 500 960 | 1900 510
20#4/4 . 120 1860 | 215 ~1360| 320 : 1115{ 550. 935 2000 490
A 105 1830 | 220  1350) 330 ; 1105 600 910 [ 2100 480

130 1800 | 225 © 1335] 330 . 1090 | 650 835 2200, 470 |
135 1770 | 230 ' 1320} 350 ' 1oe0f 700 250 | 2300 460
140 1740 § 235 < 1305 360 ' 1070]| 750¢ 835 | 2400. 450

: 145 11710 | 2an 1200 370 "10ent ron RIn b o5y 410 .

150 1680 | 245 , 1280 380 ; 1050 &ou. 790 | 2600 430
/525 7 4 155 1650 | 250 *1265) 390 ! 1040 900: 770 | 2700 420

sorro- 160 | 1620 | 255 . 1250| 400 ‘1030| 950 750} 2800 410
165 | 1590 | 260 P 1240| 410 1020 1000 ' 730 { 2900 410

H

o/alior? : ; ; : .
ﬂ 170 - 1560 265 1 1225 420 i 1015 1100, 690 1{ 3000 400 .
/04/3-‘ / NOTE TO TABLE 1| AND FIG. 1 1
s/ e , : ABLE 1 AND FIG.
) ees /, {‘Iormul loading (Type HA) approximately represents the effect of three vehicles, each

22 tons in weight, closcly spaced, in each of two carriageway lanes, followed by 10-ton and
5-ton vehicles. For short span members, to aliow for possible local concentration of loads, the
effects of two 9-ton wheels 3 ft apart have been considered (i.e. approximately two 1134-ton
wheels with 25 per cent overstress). i L.
In general, normal loading is sufficient to cover 30 units of abnormal loading (Type HB)
for loaded lengths above 100 ft and for slabs (but sec Clause A3); and at least 20 units of
abnormal loading for beams having spans less than 100 ft carrying decks with a weight similar
to that of an ordinary reinforced concrete slub. Where a bridge is definitely required to carry
abnormal loads in excess of 20 units a check should be made. .
Aspecial case is a narrow bridge or one in which the carriageway is cantilevered beyond the i
beams, where high stresses can occur under abnormal loading. .
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LOADING - L8 /LIN FT.
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The loaded length i the length of the basc of the positive or
ncgative portion, a- the case may be, of the influcnce line
diagram for the mer-ber under consideration. The distributed
load sclecied shail b that given in Fig. 1 and Table 1 for this
loaded length.

NOTE. Where the 7 sitive or negative portion of the base of
theinfluence line co: sists of separated parts, as for continuous
construction, the maximum cfiect shall be deiermined by
consideration of an:* part or combination of separated parts,
using the loading a; propriate to the length or the total com:
bined length of the loaded portions.

| —————Beams
Longitudinal siabs

—

><_/Transverse slabs

: //
yd 1/(

6

8 10 2 14 16 18 20

LOADED LENGTH: FEET
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Case C - HA loading (Cont.)

Knife edge load - B.S. 153 Part 3A clause A3

In 1st, 2nd and 3rd conditions of loading systems, it hés been shown
that the uniformly distributed load varies with the loaded length, which
represents the ordinary axle loads of the M.,T. standard train, perfectly
distributed. ' '

Now, an invariable load of 27001bf. per foot of width will be applied at
the section where it will, when combined with the U.D. load, be most

' effective; This is a knife edge load and it represents the eicess in
the M.T. standard #rain of the heavy axle over the other axles and this
excess being undistributed. This load is appliedlfor bending moment at
mid-span, at mid-span point; for shear at the support, and for shear at
any section,

In spans less than the axle spacing which is 10 ft, the concentration
serves to counteract the over-dispersion of the distributed load. In
slabs the K.E. load of 2700 1b/ft of width is taken as acting parallel
to.the supporting members, irrespective of the direction in which the
slab spans. In longitudinal girders, stringers etc., this concentrated
loading is taken as acting'tranéversely to them, i.e. parallel with
their supports. in transverse Beams the concentrated loading is. taken -
as acting in‘line with them, i.e. 2700 1b/ft run of beam.

However in all cases, irrespective of span length, one K.E. load of
2700 1b/ft run of width is taken as acting in conjunction with the U.D.
load appropriate to the span or loaded length.
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